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Project Report Organization Overview
This report presents the findings of a seismic vulnerability assessment of southern Illinois wall
pier supported bridges that either carry or cross over priority emergency routes within the region.
This work was funded by the Illinois Department of Transportation as part of IDOT Grant IHR-
R36 — “Assessment of the Seismic Vulnerability of Wall Pier Supported Bridges on Emergency
Priority Routes in Southern Illinois” — in the Department of Civil and Environmental Engineering,
in concert with the Mid-America Earthquake (MAE) Center, at the University of Illinois at Urbana-
Champaign.
The report that follows is identical to the doctoral dissertation that resulted from this investi-
gation. The report is organized into nine chapters and two appendices. Chapter 1 gives a brief
introduction to the seismic threat within southern Illinois and recounts some of the findings from an
earlier multi-column pier supported bridge vulnerability study; Chapter 2 outlines typical details of
southern Illinois wall pier supported bridges that were determined from the random sample; Chap-
ter 3 describes the component models and analysis methodology selected to construct and analyze
the nonlinear three-dimensional finite element models utilized in this study; Chapter 4 discusses
the component limit states that were identified and the methods used to calculate component failure
capacities; Chapter 5 presents the nonlinear pushover analyses conducted, gives a summary of the
results, and highlights the conclusions drawn from those analyses; Chapter 6 introduces the fragility
analysis concept, and briefly outlines its theoretical underpinnings; Chapter 7 relates the details of
the structural fragility analysis that was conducted, presents the results from this analysis, and sum-
marizes the conclusions drawn; Chapter 8 addresses the wall pier bridge site liquefaction fragility
analysis, confers the results from this analysis, and summarizes the conclusions drawn; and Chapter
9 discusses what the findings of this project, and those of other earlier projects, mean for the per-
formance of the southern Illinois priority emergency route network in a NMSZ event. Finally, the
two appendices contain raw data relevant to the topics discussed herein.
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Abstract
Multi-column pier supported and wall pier supported bridge structures comprise approximately
86% of the bridges that carry or cross over southern Illinois highway priority emergency routes.
The Illinois Department of Transportation (IDOT) would like these routes to remain functional fol-
lowing a New Madrid Seismic Zone (NMSZ) earthquake. Therefore, to assess their vulnerability
to such an event, IDOT has undertaken several research projects that have initiated the assessment
by investigating the vulnerability of these two most common bridge types. An earlier project de-
termined the vulnerability of the more prevalent (58% of the total) multi-column pier supported
bridges. Presented herein are the findings from the second research project, which has investigated
the vulnerability of the wall pier structures (28% of the total) through pushover analyses and the
production of structural and site liquefaction fragility curves.
Typical structural characteristics were determined from a sample of 22 southern Illinois priority
emergency route wall pier supported bridges. A summary of these characteristics is given. These
structural details were used to construct two sets of three-dimensional nonlinear numerical models,
one to perform nearly 200 pushover analyses, and one two perform nearly 100 dynamic time-history
analyses (required for fragility curve construction). Details concerning the analytical sub-models
used for representing the various bridge components in these models are given, as is information
concerning the structural limit states that were considered in the analyses. Results and conclusions
stemming from the pushover and fragility analyses are presented, including details about how wall
pier bridge structural variations affect those failures that are critical and those bridge categories
that are most vulnerable. The theoretical underpinnings of the fragility procedure implemented are
highlighted. In addition, the liquefaction fragility analysis conducted is detailed, with results and
conclusions presented. Finally, implications of these findings for the southern Illinois priority route
network are discussed.
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Chapter 1
Introduction and Background
1.1 Historic Seismicity
The midwestern United States is widely recognized as a location of a possibly devastating seismic
event. In late 1811 and early 1812, a series of large earthquakes (at least one with an estimated
moment magnitude of 7.9) occurred along the New Madrid Fault. These earthquakes in the so-
called New Madrid Seismic Zone (NMSZ) had a large area of damage, up to three times that of the
1964 Alaska Earthquake (the largest earthquake in the United States, with moment magnitude of
9.2) and up to ten times that of the famous 1906 San Francisco Earthquake (which had a similar
moment magnitude of 7.7) [62]. The 1811-1812 earthquakes were felt by people in an area covering
1 million square miles (2.6 million square kilometers). During these earthquakes, large regions of
land experienced uplifts of over 9 ft (2.7 m), while others displayed significant liquefaction and
subsidence [49]. Due to the sparsity of the population within the region at the time, large scale loss
of life and property was avoided. However, a similar event today could be devastating. Although it
has been nearly 200 years since a major earthquake has occurred in the region, the NMSZ continues
to be seismically active and to pose a potential threat.
1.2 IDOT Emergency Routes
Encompassed within the region of influence of the NMSZ are portions of southern Illinois, and
within this region the potential threat is significant. The United States Geological Survey (USGS)
lists peak ground accelerations (PGA) upwards of 1.7g (where g represents the acceleration due to
gravity) and short period (0.2 second) spectral accelerations (Sa(0.2)) upward of 3.4g for locations
in extreme southern Illinois [27]. Similar values for San Fransisco, California are listed at only 1.0g
and 2.0g, respectively. In addition, southern Illinois is currently home to some 1.25 million people
and significant infrastructure, the majority of which has not been designed with the seismic threat
in mind [64]. Understanding the seismic risk, the Illinois Department of Transportation (IDOT), as
part of an earthquake preparedness plan, has taken steps to ensure that in the event of an earthquake
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access to important emergency facilities and supplies is maintained. To do this they have designated
several transportation routes (typically federal interstate highways) in the southern portion of the
state as priority emergency routes [35]. In the event of an earthquake, these routes are to remain
functional so that emergency personnel and supplies can safely and effectively reach areas in need.
Figure 1.1 illustrates these routes.
To assess the vulnerability of these routes to seismic events, several research projects have been
undertaken. These projects have focused on determining the vulnerability of the bridge structures
found on or crossing over these routes. Bridge structures represent components of the priority
emergency route network, that should they fail, would result in significant portions of the network
becoming dysfunctional. As part of one of these projects in the Mid-America Earthquake (MAE)
Center, conducted by Qun Zhong and Neil Hawkins, an inventory was constructed of all bridges
found on or passing over priority emergency routes in southern Illinois [75]. From that inventory it
was determined that four basic types of bridge structures exist. They were reported as multi-column
pier supported (Figure 1.2), wall pier supported (Figures 1.3, 1.4, and 1.5), culvert (Figure 1.6),
and single span (Figure 1.7), with the multi-column pier supported and wall pier supported bridges
making up approximately 86% of the priority emergency route bridge population.
1.3 Multi-Column Pier Supported Bridge Study
Of the two dominant bridge types, multi-column pier supported bridges were the most prevalent;
therefore Zhong’s research focused on determining the vulnerability of that type of bridge to ex-
pected NMSZ ground motions. To quantify the expected seismic performance of multi-column pier
supported bridges in southern Illinois, Zhong carried out the following steps [75]:
1. Determined detailed characteristics of southern Illinois multi-column pier supported bridges
by collecting from IDOT structural drawings for a random sample of these bridges.
2. Assessed multi-column bridge pier structural component vulnerabilities by performing a se-
ries of nonlinear static pushover analyses of in-plane two-dimensional lumped mass stick
models representing a pier and its supporting foundation.
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Figure 1.1: Southern Illinois Priority Emergency Routes
3
Figure 1.2: Typical Southern Illinois Multi-Column Pier Bridge
4
Figure 1.3: Typical Southern Illinois Hammerhead Wall Pier Bridge
5
Figure 1.4: Typical Southern Illinois Regular Wall Pier Bridge
6
Figure 1.5: Typical Southern Illinois Flexible Wall Pier Bridge
7
Figure 1.6: Typical Southern Illinois Culvert Bridge
Figure 1.7: Typical Southern Illinois Single Span Bridge
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3. Determined probabilities of reaching or exceeding various structural damage levels for these
piers in an expected NMSZ earthquake by performing a number of nonlinear time-history
analyses with the models.
4. Approximately correlated multi-column pier damage levels with expected loss of bridge func-
tionality.
5. Repeated the above assessment for bridges employing several column wrapping retrofit strate-
gies, using comparative results to quantify the effectiveness of each.
Zhong found that in a 2% probability of exceedance in 50 years (PE/50) event, a multi-column
pier supported bridge would have a 61% probability of experiencing major damage, a 70% prob-
ability of experiencing moderate damage, and an 82% probability of experiencing minor damage,
whereas in a smaller 10% PE/50 event, damage would be relatively minor. The damage expected
in the larger earthquakes was due to various structural deficiencies. For a 2% PE/50 event, approx-
imately 61% of the piers would experience column lap-splice failures, 12% would exhibit column
shear failures, and 8% would have cap beam shear failures. For a similar level of shaking, 56% of
the multi-column piers would experience anchor bolt or pintle shear failures in the bearings, and
10% would exhibit rocker bearing overturning failures. Piles were also vulnerable to damage – 35%
of the piers would experience pile tension failures, 30% would exhibit excessive rotation of plastic
hinges in the piles, 12% would have pile shear failures, 8% would experience pile bending-axial
load interaction failures, and 38% would exhibit local soil yielding around the piles. Finally, 19%
of the piers would experience excessive drift.
There were several notable assumptions made by Zhong in her research program. First, for
bridges with continuous superstructures, the transverse behavior of the bridges was assumed to be
dominant. The justification for this assumption was based on the fact that the multi-column pier
and foundation systems are appreciably more flexible in the longitudinal direction of the bridge
than they are in the transverse direction. The flexibility in the longitudinal direction allows the
inertial forces in that direction to be carried by the abutments once any expansion joint gaps have
closed. Therefore, only the transverse response of the pier and supporting foundation system were
modeled by Zhong. Second, it was assumed that skew effects could be accounted for indirectly.
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Several of the bridges in Zhong’s sample had relatively large skew angles (greater than 40 degrees).
It was believed that skew effects could play an important role in the response of these bridges, so to
account for the effects of skew, the input ground motions for the transverse models were increased
by a factor based on recommendations found in HAZUS99 [23]. Also, in addition to the transverse
analyses that were conducted for all of the pier models, longitudinal pushover and dynamic analyses
were performed for the heavily skewed bridge piers. It was assumed that a combination of the
results from the longitudinal and transverse pushover analyses adequately captured the effects of
skew. Lastly, based on the flexibility of typical southern Illinois composite concrete and steel beam
superstructure systems, it was assumed that load redistribution between piers could be neglected.
This allowed each pier to be modeled as a separate entity considering only its stiffness and tributary
mass. The above assumptions allowed the response of each multi-column pier supported bridge
structure to be represented by the response of a single planar pier and foundation system model.
The impact these assumptions have on the validity of the results is hard to quantify; however, it is
felt by this author that such assumptions may oversimplify the problem. Therefore, changes in the
methodology applied by Zhong, related to these simplifications, were made for the current project.
1.4 Wall Pier Supported Bridge Study
Zhong’s research established that seismic deficiencies in southern Illinois multi-column pier sup-
ported bridges can lead to poor performance in a 2% PE/50 event [75]. Based on these findings, it
is not unreasonable to assume that other southern Illinois bridge structure types may exhibit similar
poor performance. For this reason, a second project investigating the seismic vulnerability of the
next most prevalent bridge type found on or crossing over southern Illinois priority routes, wall pier
supported bridges, has been undertaken.
To investigate the seismic vulnerability of the southern Illinois priority emergency route wall
pier supported bridges a research methodology similar (although not identical) to that used by
Zhong was employed. The steps are summarized as follows:
1. Typical structural characteristics of wall pier supported bridges on or crossing over southern
Illinois priority emergency routes were determined by collecting and analyzing information
off of structural drawings obtained from IDOT for the wall pier bridge structures in Zhong’s
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original random sample.
2. Available numerical modeling techniques and methodologies for representing the various
structural components of southern Illinois wall pier supported bridges were investigated, and
those most suited for representing these components using the chosen methodology were
selected.
3. Based on the selected methodology and selected component models, two sets of three-dimen-
sional nonlinear finite element models were created. The first set was created to represent wall
pier supported bridge structures within southern Illinois and the range of structural character-
istics they embody. The second set was created to represent the actual southern Illinois wall
pier supported bridge population, including the statistical properties of the variations in their
structural characteristics. (Each set made use of detailed bridge inventory data.)
4. Potential bridge component failure limit states were identified and failure capacities defined.
5. Nonlinear pushover analyses were performed on the first set of wall pier supported bridge
models to determine potential vulnerabilities in these structures, as well as to identify failure
sequences and loads.
6. Using the second set of models and nonlinear dynamic analysis, structural fragility curves
were produced for southern Illinois wall pier supported bridges, as well as for several subcat-
egories of these bridges, so that the overall vulnerability of these structures could be assessed
(as well as vulnerable wall pier bridge subtypes be identified).
7. Separately from the above, a liquefaction fragility analysis was conducted for the potentially
liquefiable sites identified from the wall pier supported bridge sites in the random sample.
8. Based on results from this study, including the structural and site liquefaction fragility analy-
sis, and findings from the multi-column pier supported bridge study and other studies, general
observations were made concerning the performance of the southern Illinois priority emer-
gency route network in a potential NMSZ event.
This document describes the findings from the second project summarized above. Chapter 2
outlines typical details of southern Illinois wall pier supported bridges that were determined from
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the random sample; Chapter 3 describes the component models and analysis methodology selected
to construct and analyze the nonlinear three-dimensional finite element models utilized in this study;
Chapter 4 discusses the component limit states that were identified and the methods used to calculate
component failure capacities; Chapter 5 presents the nonlinear pushover analyses conducted, gives
a summary of the results, and highlights the conclusions drawn from those analyses; Chapter 6
introduces the fragility analysis concept, and briefly outlines its theoretical underpinnings; Chapter
7 relates the details of the structural fragility analysis that was conducted, presents the results from
this analysis, and summarizes conclusions drawn; Chapter 8 addresses the wall pier bridge site
liquefaction fragility analysis, confers the results from this analysis, and summarizes conclusions
drawn; and Chapter 9 discusses what the findings of this project, and those of other earlier projects,
mean for the performance of the southern Illinois priority emergency route network in a NMSZ
event.
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Chapter 2
Southern Illinois Highway Bridge Characteristics
2.1 Wall Pier Supported Bridge Sample
Before a structural assessment of southern Illinois wall pier supported bridges could be made, the
general characteristics of these structures had to be determined. As reported above, Zhong con-
structed a random sample of the bridges located on or crossing over southern Illinois priority emer-
gency routes [75]. A total of 51 bridges comprised that sample. Of those 51 bridges, 20 were
categorized as wall pier supported. After retrieving structural drawings from IDOT for each of
these bridges, it was determined that a few had been incorrectly classified, and that one could not
be classified because it was missing critical portions of its structural drawing. Removing the bridge
with missing information, and reclassifying the others, resulted in the following bridge type per-
centages: 58% multi-column pier supported, 28% wall pier supported, 6% single span, 6% culvert,
and 2% “other” (Figures 1.2 through 1.7).
The total number of bridges on or crossing over southern Illinois priority emergency routes has
more recently been determined to be 595. Based on the percentages determined from the random
sample, approximately 345 are multi-column pier supported, 167 are wall pier supported, 36 are
single span, 36 are culverts, and 12 do not fall within any of these categories. Of just the wall pier
supported bridges, approximately 46% have hammerhead piers, 46% have regular piers, and 8%
have flexible piers.
In an effort to maintain a reasonably sized wall pier sample, a request was made to IDOT
for some “replacement” wall pier supported bridges. These bridges were not chosen completely at
random, but rather were selected in such a manner as to maintain the percentages of the various wall
pier types in the original sample of Zhong. A total of nine new wall pier supported bridges were
obtained (four hammerhead, four regular, and one flexible), resulting in a final wall pier supported
bridge sample size of 22. The locations of these 22 bridges within southern Illinois are illustrated
in Figure 2.1. The nomenclature used to identify these bridges in that figure is as follows. The first
three numbers of the seven digit designation represent the county the bridge is located in. Tabulated
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below Figure 2.1 is each county’s three digit code reference. Following the initial three digit county
code is a dash (-) followed by an additional four digit number. These four digits indicate the bridge’s
number within the specified county. For example, 025-0071 represents bridge number 0071
within Effingham county (county number 025). These 22 wall pier supported bridges were used to
determine the detailed structural characteristics summarized below [12].
2.2 Revised Sample Survey
To determine the general characteristics of southern Illinois wall pier supported bridges, structural
drawings for each bridge in the sample were collected and examined. Data gathered from the
drawings covered a broad range of parameters in an attempt to determine statistical characteris-
tics for all of the potentially vulnerable bridge components. For instance, several researchers have
shown that typical steel bearings can experience toppling and shear failures under seismic loading
[8, 15, 44, 75]. Therefore, information pertaining to the bearings was assembled. Similarly, pile
and soil behavior are known to be important to bridge seismic response, with piles particularly vul-
nerable to failure [8, 19, 75]. Therefore, pile information was gathered. For many years it has been
understood that lap splice deficiencies often exist in reinforced concrete structures designed before
the advent of modern earthquake code requirements, and that such structures can be susceptible to
seismic loading. For this reason, information pertaining to reinforcing steel lap splices was aggre-
gated. Additional studies have shown that expansion joints can have an important impact on the
seismic response characteristics of bridges [14], and that embankment and abutment characteristics
are also important [8, 36, 72, 74]. Therefore, expansion joint and abutment/embankment character-
istics were assembled. In addition to all of this, information pertaining to characteristics of a general
nature – the year of construction, the number of piers employed, and the bridge skew angle – as well
as dimensions (and reinforcement) for various structural members (including the footings/pile caps,
wall piers, and piles) were also collected.
For convenience, the collected information was organized into several main categories. These
categories are Basic Information, Pier Foundation Information, Pier Footing/Pile Cap Information,
Pier Information, Bearing Information, Expansion Joint Information, Abutment/Embankment In-
formation, Material Property Information, and Soil Data Information. Table 2.1 outlines the infor-
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County Number County Number County Number County Number
Alexander 002 Franklin 028 Lawrence 051 Richland 080
Bond 003 Gallatin 030 Madison 060 St. Clair 082
Calhoun 007 Hamilton 033 Marion 061 Saline 083
Clay 013 Hardin 035 Massac 064 Union 091
Clinton 014 Jackson 039 Monroe 067 Wabash 093
Crawford 017 Jasper 040 Perry 073 Washington 095
Edwards 024 Jefferson 041 Pope 076 Wayne 096
Effingham 025 Jersey 042 Pulaski 077 White 097
Fayette 026 Johnson 044 Randolph 079 Williamson 100
Figure 2.1: Locations of Random Sample and Replacement Wall Pier Supported Bridges Within
Southern Illinois
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Category/Information Category/Information Category/Information
Basic Information Footing/Pile Cap Width Expansion Joint Gap Size
Pier Type Footing/Pile Cap Length Location Within Structure
Construction Year Cross-Longitudinal Reinforcing Ratio Abutment/Embankment Information
Bridge Skew Angle Longitudinal Reinforcing Ratio Existence of Embankment
Number of Piers Pier Information Pile Type
Deck Width Lap Splice Location Number of Piles
Span Lengths Lap Splice l/db Number of Piles in Wing Walls
Deck System Lap Splice Bar Size Number of Battered Piles
Pier Foundation Information Pier Height Battered Pile Slope
Foundation Type Pier Thickness Pile Length
Pile Type Pier Length Pile Embedment Depth
Number of Piles Vertical Reinforcing Ratio Material Property Information
Number of Battered Piles Horizontal Reinforcing Ratio Concrete Design Stress
Battered Pile Slope Bearing Information Reinforcing Steel Yield Stress
Pile Length Types of Bearings Soil Data Information
Pile Embedment Depth Number of Bearings Number of Soil Borings
Pile Axial Load Capacity Location within Structure Soil Types
Pier Footing/Pile Cap Information Expansion Joint Information Depth to Water Table
Footing/Pile Cap Thickness Number of Expansion Joints
Table 2.1: List of Collected Wall Pier Supported Bridge Information
mation collected [12]. The following discussion further illuminates exactly what information was
collected.
Information collected in the Basic Information category included pier type, year the structure
was built, skew angle, number of piers, deck width, span lengths, and deck system type. The skew
angle is defined as the angle in plan view between a line drawn perpendicular to the pier wall face
and a line drawn tangential to the centerline of the bridge deck. For all bridges in the survey, all
piers in a given structure had the same skew angle (for example, if pier 1 in bridge A had a skew
angle of 10 degrees, then pier 2, pier 3, etc. in Bridge A also had a skew angle of 10 degrees).
Information collected in the Pier Foundation Information category included foundation type,
pile type, number of piles, number of battered (not directly vertical) piles, battered pile slope (de-
fined as vertical rise over horizontal run), pile length, pile embedment depth into the pile cap, and
pile axial load capacity (as reported on the drawings).
Information collected in the Pier Footing/Pile Cap Information category included footing/pile
cap dimensions (thickness, width, and length), as well as reinforcing steel ratios. The footing/pile
cap cross-longitudinal reinforcing ratio is defined as the area of reinforcing steel within the foot-
ing/pile cap that runs perpendicular to the plane of the wall pier divided by the length of the foot-
ing/pile cap multiplied by the thickness of the footing/pile cap (given as a percentage). The foot-
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ing/pile cap longitudinal reinforcing ratio is defined as the area of reinforcing steel that runs parallel
to the longitudinal direction of the wall pier footing/pile cap divided by the width of the footing/pile
cap multiplied by the thickness of the footing/pile cap (given as a percentage).
Information collected in the Pier Information category included dimensional information (thick-
ness, length, and height, plus more detailed dimensional information particular to each wall pier
subcategory type), as well as information pertaining to reinforcement (such as lap splice charac-
teristics and reinforcement ratios). The pier wall vertical reinforcing ratio is defined as the area of
reinforcing steel that runs vertically in the pier wall divided by the mid-height cross-sectional area
(mid-height wall length multiplied by mid-height wall thickness) of the wall pier (expressed as a
percentage). For hammerhead wall piers the cross-sectional area was taken at the mid-height of the
wall below the flair. The wall pier horizontal reinforcing ratio is defined as the area of reinforcing
steel that runs horizontally through the wall divided by the mid-section cross-sectional area (mid-
section height multiplied by mid-section thickness) for the wall pier (expressed as a percentage).
For the hammerhead wall piers, only the portion below the flair was considered.
Information collected in the Bearing Information category included the number and types of
bearings utilized, and their location within the structure. Information collected in the Expansion
Joint Information category included the number of expansion joints, expansion joint gap size, and
their location within the structure.
Information collected in the Abutment/Embankment Information category included whether an
embankment was employed, pile type, number of piles, number of piles in the abutment wing
walls, number of battered (not directly vertical) piles, battered pile slope (defined as vertical rise
over horizontal run), pile length, and pile embedment depth into the abutment.
Information collected in the Material Property Information category included reinforcing steel
yield stress, structural steel yield stress, and concrete compressive strength. The structures in the
sample were constructed over several decades. During that time, a transition from the allowable
stress design (ASD) method to the load and resistance factor design (LRFD) method has occurred.
Because of this shift in design practice, the way in which design stresses are listed on structural
drawings changed. Older bridge drawings list allowable stresses, whereas newer bridge drawings
give nominal (unreduced) material strengths. For this reason, several of the material parameters
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collected in this category were adjusted from allowable stresses to the comparable nominal LRFD
values. Allowable concrete compressive stresses were adjusted assuming that the ASD 0.4 concrete
compressive strength adjustment factor of the American Association of State Highway and Trans-
portation Officials (AASHTO) design specifications was used [50]. Also, reinforcing steel yield
strengths were calculated assuming that an allowable stress of 20 ksi (140 MPa) designates steel
with a yield stress of 40 ksi (275 MPa), and that an allowable stress of 24 ksi (165 MPa) designates
steel with a yield stress of 60 ksi (415 MPa). For structural steel strengths, it was assumed that the
actual strength was twice the allowable design value listed on the structural drawings.
Finally, information collected in the Soil Data Information category included the number of
pertinent soil borings available, general bridge site soil types, and the depth to water table reported
on each soil boring log (if available). A pertinent soil boring was classified as any soil boring
within several hundred feet of the structure. Therefore, some soil borings that had been taken at
neighboring bridge sites were included.
2.3 Characteristics of Wall Pier Supported Bridges
The total number of bridges contained in the wall pier random sample is 22. These 22 bridges
comprise 51 wall piers, 44 abutments, and 47 expansion joints. (The number of piers, abutments,
and expansion joints are given here because some of the percentages provided below are based
on these numbers – for example, 45% of the piers had timber pile foundations.) As can be seen in
Figure 2.1, the spatial distribution of the bridges within southern Illinois can be considered adequate
to accurately represent the characteristics of the majority of wall pier bridges one might encounter
on priority emergency routes in southern Illinois. In addition, these 22 bridges represents about 13%
of the wall pier supported bridges on those routes, which is a reasonable percentage for determining
group characteristics.
Outlined below are the detailed characteristics determined from the random sample. These
characteristics are grouped according to the information categories given in Table 2.1. Table 2.2
summarizes some of the more important wall pier supported bridge characteristics outlined in the
following discussion.
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Table 2.2: Summary of Southern Illinois Wall Pier Supported Bridge Characteristics
Category Value Category Value
Pier Type Pier Height
Hammerhead 46% Maximum 46 ft (14.0 m)
Regular 46% Minimum 9 ft (2.8 m)
Flexible 8% Average 18.5 ft (5.7 m)
Construction Year Pier Thickness
1959 to 1975 82% Average 3 ft (0.9 m)
1981 to 1995 18% Pier Length
Skew Angle Minimum 14 ft (4.3 m)
≤ 20 degrees 82% Maximum 56.5 ft (17.2 m)
≤ 10 degrees 64% Pier Vertical Reinforcing Ratio
Maximum Angle 43 degrees Average 0.24%
Number of Piers Pier Horizontal Reinforcing Ratio
1, 2, or 3 95% Average 0.15%
Hammerhead, 1 or 3 90% Wall Bearing Type
Regular, 2 70% High Steel Rocker and Bolster 92%
Deck Width Abutment Bearing Type
Hammerhead typ. 32 ft (9.8 m) High Steel Rocker 62%
Regular typ. 42 ft (12.8 m) Elastomeric 33%
Span Length Expansion Joints
2 spans approx. 100 ft (30.5 m) Number, 2 86%
3 or 4 spans (main span) approx. 80 ft (24.5 m) Gap Size typ. 1.5 in. (40 mm)
3 or 4 spans (side span) approx. 60 ft (18.5 m) Abutment Pile Type
Deck System Steel H-Piles 59%
Steel Composite 86% Concrete (including CFSP) 32%
Concrete Composite 14% Number of Abutment Piles
Foundation Type 6 to 20 86%
Pile 86% 6 to 15 64%
Mat 14% Abutment Pile Length
Footing/Pile Cap Reinforcing Ratios Average 48 ft (14.6 m)
Longitudinal < 0.3% 79% Embankment
Transverse < 0.2% 94% With 50%
Pile Type Hammerhead With 70%
Steel H-Piles 48% Regular With 40%
Timber Piles 42% Reinforcing Steel Yield Stress
Number of Piles (Pier) 40 ksi (275 MPa) 77%
11 to 25 71% 60 ksi (415 MPa) 23%
Average Pile Length Concrete Compressive Strength
All Pile Types 36 ft (11.0 m) 3 to 3.5 ksi (20.7 to 24.1 MPa) 100%
Steel and Timber Piles 30 ft (9.2 m) Soil Profiles
CFSP Piles 50 ft (15.3 m) Containing Clay 85%
Pile Embedment Depth Containing Sand 60%
12 in. (300 mm) 63% Hammerhead w/ Liq. Sand 20%
Timber Piles typ. 6 in. (150 mm) Regular w/ Liq. Sand 90%
Steel and CFSP typ. 12 in. (300 mm) Depth to Water Table
Lap Splice Location Maximum 39.5 ft (12.0 m)
Between Footing and Pier 91% Minimum 0 ft (0 m)
Lap Splice l/db Average 15 ft (4.5 m)
31 to 50 72%
Minimum l/db 21
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2.3.1 Basic Information Category
Three general categories of wall piers exist within southern Illinois, namely hammerhead, regular,
and flexible (Figures 1.3, 1.4, and 1.5, respectively), with hammerhead and regular wall pier bridges
making up the vast majority (92% of the sampled bridges). Hammerhead wall piers (Figure 1.3)
are characterized by a pier elevation in the shape of a hammer. The pier tapers in from the base
to a location at about three quarters of its height, at which point it flairs out forming the upper
portion of the pier that supports the bridge bearings and superstructure. Hammerhead wall pier
supported structures made up 10 of the 22 sampled bridges (46%). Regular wall piers (Figure 1.4)
are characterized by a wall pier elevation that looks very much like a regular reinforced concrete
wall. They are sometimes slightly tapered from their base to their top, and they have in plan view
either rounded corners (and therefore are classified as rounded regular), squared corners (and are
classified as square regular), or small flared portions at their top (which makes them look like a stout
hammerhead wall pier, and are classified as wall/hammerhead regular). Regular wall pier supported
bridges made up 10 of the 22 sampled bridges (46%), with approximately 60% of those being
rounded, 30% being square, and 10% being wall/hammerhead. Flexible wall piers (Figure 1.5) are
very similar to regular wall piers in outward appearance, but the method in which the supporting
pile system and wall carry the applied loads is drastically different. Hammerhead and regular wall
piers are typically supported on piles that terminate beneath the base of the wall in a pile cap that
has length and width dimensions greater than those of the wall. The supporting piles in flexible wall
piers do not terminate in a pile cap at the base of the wall (and in fact, most flexible wall piers do
not even have a pile cap), but rather they run continuously up the full height of the wall. As is the
case with regular wall piers, flexible wall piers can be either square or rounded. No instance was
encountered where a wall/hammerhead flexible wall pier was employed. Flexible wall piers made
up 2 of the 22 sampled bridges (8%), with one of those being square flexible and one being rounded
flexible.
The majority of the wall pier bridges in the sample were built in the 1960’s and early 1970’s.
The average year of construction was 1970. The oldest bridge encountered was built in 1959, while
the most recent was built in 1995. It is important to note that only four bridges in the sample were
built after 1972. The trend toward bridges of between 25 and 40 years old is clearly a product of
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the boom in interstate construction during the 1960’s and 1970’s.
All but one of the bridges in the sample had three or fewer piers. The maximum number of
piers encountered was six. Since most of the bridges in the sample are of the short-span overpass
type, the trend toward fewer piers is not unusual. What is less apparent, however, is the determining
factor as to whether a bridge has one, two, or three piers. Closer inspection of the sample indicated
that bridges spanning bodies of water tend to have two piers, while bridges that span roads tend to
have either one or three piers. In fact, eight of the two-pier bridges in the sample crossed water-
ways, whereas 11 of the one or three pier bridges crossed roads. This makes perfect sense when
considering that the majority of the wall pier bridges in the sample that cross roads, span across a
four-lane interstate (two lanes going in each direction) and that those bridges have either a single
pier in the center of the four lanes, or else they have three piers, with one pier in the center and one
on either side. Finally, bridges that cross waterways have two piers, one on each bank.
The closer investigation described above highlighted that eleven of the sampled bridges (or
50%) cross waterways. This is in stark contrast to the multi-column pier supported bridges investi-
gated by Zhong, where not a single bridge was identified as crossing a waterway [75]. This results
from the fact that regular wall type pier supported bridges are often employed at locations where
waterways are crossed. This is because the solid cross-section of the wall keeps debris from becom-
ing lodged in between columns, thereby reducing the likelihood and amount of scour. This feature
of wall pier supported bridges may be of some significance because the characteristics of soils that
generally surround waterways and the presence of high water tables can increase the likelihood of
liquefaction during seismic events.
The above findings further motivated the following discoveries. Hammerhead wall pier sup-
ported bridges are typically the bridges that span over roads and therefore have either one or three
piers (Figures 2.2 and 2.3), whereas regular wall pier supported bridges are typically the bridges that
span over waterways and have two piers (Figure 2.4). These dependencies result in further differ-
ences between the characteristics of these two wall pier bridge categories. Because the hammerhead
bridges typically spanned roads, they often carried a non-interstate two-lane secondary transporta-
tion route over a priority route, and they therefore had deck widths ranging from 28 ft (8.5 m) to 36
ft (11.0 m), with an approximate average of 32 ft (9.8 m). The regular bridges typically carried a
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Figure 2.2: Typical One Pier Hammerhead Wall Pier Supported Bridge Structure
wider two-lane interstate priority route (in one direction) over a waterway, and they therefore had
deck widths that ranged from 31 ft (9.4 m) to 57 ft (17.4 m), with an approximate average of 42 ft
(12.8 m).
The majority of bridges in the sample (68%) had a non-zero skew angle; however, most of the
bridges (about 63%) had a skew angle less than or equal to 10 degrees. Only four bridges had a
skew angle greater than 20 degrees. The two bridges with the highest skew (both of which were
regular wall pier supported) had skew angles of 31 and 43 degrees.
Span lengths were approximately 100 ft (30.5 m) for two-span structures, with 80 ft (24.5 m)
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Figure 2.3: Typical Three Pier Hammerhead Wall Pier Supported Bridge Structure
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Figure 2.4: Typical Two Pier Regular Wall Pier Supported Bridge Structure
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Figure 2.5: Typical Concrete Deck With Composite Steel I-Beams
main spans and 60 ft (18.5 m) end spans for three- and four-span structures. The longest span length
encountered in the sample was approximately 120 ft (36.6 m), and the shortest was approximately
33 ft (10.1 m). Concrete decks with composite steel I-beams (Figure 2.5) were employed in the
majority of the bridges (86%).
2.3.2 Pier Foundation Information Category
Most bridges in the sample (86% of the sampled pier walls) were pile supported, with the remaining
surveyed bridges utilizing a conventional shallow mat foundation (Figure 2.6). All of the conven-
tional shallow mat foundation supported structures had hammerhead pier walls; none were regular
wall pier supported structures. Regular wall pier supported structures do not use shallow mat foun-
dations because these bridges are typically utilized at river or stream crossings where poor soil
strengths and the potential for scour make the use of this foundation system problematic.
Three pile types were encountered, steel (H-piles), timber, and concrete filled steel pipe (CFSP)
piles. Of the piers that utilized piles, steel and timber piles were the most prevalent types, consti-
tuting 41% and 36% of the sampled pier wall foundations, respectively. CFSP piles were utilized
in only 9% of the sampled pier wall foundations. Timber pile supported structures were typically
associated with older bridges, while the CFSP piles were typically associated with more recently
constructed bridges.
The number of foundation piles employed was modest, typically between 11 and 25 piles (in
71% of the pile supported piers). The average number of piles was just less than 21, and the
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(a) Pile Foundation System (b) Mat Foundation System
Figure 2.6: Typical Pile and Mat Foundation Systems
maximum number was 36. In general, the regular wall piers employed a slightly higher number of
piles (23 piles on average) than the hammerhead wall piers (21 piles on average). Approximately
14 of these piles were typically battered, having a most likely slope of 6 in. (150 mm) of vertical
rise for every 1 in. (25 mm) of horizontal run.
The vast majority of wall piers (73% of the pile supported piers) had piles with lengths from 12
to 40 ft (4 to 12 m). The average pile length was 36 ft (11.0 m). The maximum pile length was 137
ft (42 m), and the minimum was 12 ft (4 m). Steel and timber piles had a shorter average length of
approximately 30 ft (9.1 m) than that of the CFSP piles, which had an average length of about 50
ft (15.2 m). There is a high probability that the pile lengths encountered in the sampled bridges are
directly correlated to the soil conditions at each site. Therefore, there may be no standard pile length
associated with wall pier supported bridges, but rather a standard pile length for the soil conditions
typically associated with each pile type as they are used in southern Illinois.
Three pile embedment depths into the pile cap were encountered – 6 in. (150 mm), 12 in. (300
mm), and full wall height. The dominant embedment depth was 12 in. (300 mm), with just over
63% of the piers having piles embedded this amount. The second most prevalent embedment depth
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was 6 in. (150 mm), with nearly 27% of the piers having piles embedded this amount. Steel and
CFSP pile embedment depths were typically 12 in. (300 mm), with timber pile embedment depths
typically being only 6 in. (150 mm). Only the flexible wall piers had piles that were embedded
through the full height of the wall.
2.3.3 Pier Footing/Pile Cap Information Category
In the determination of the footing/pile cap characteristics, no distinction was made between the
foundations of the pile supported piers and the footing supported piers. This is justified because
there were no significant differences between the characteristics of the two. Figure 2.6 demonstrates
how similar the two are.
Common footing/pile cap thicknesses ranged from 2 to 3 ft (0.6 to 0.9 m), with approximately
92% of the pier wall footings/pile caps falling within this range. The average footing/pile cap thick-
ness was about 2.5 ft (0.8 m). The largest footing/pile cap thickness encountered was 4 ft (1.2 m),
and the smallest footing/pile cap thickness encountered was 2 ft (0.6 m). The average footing/pile
cap width was approximately 8 ft (2.5 m). The widest footing/pile cap encountered was 13 ft (4.0
m) and the narrowest was 4.8 ft (1.5 m). Footing/pile cap lengths were proportional to the length of
the wall pier they were supporting, ranging from 16 to 59 ft (5 to 18 m). The average footing/pile
cap length was about 32 ft (9.8 m). Typically the hammerhead wall pier footings/pile caps were
shorter in length than the regular wall pier footings/pile caps. The average hammerhead wall pier
footing/pile cap length was about 20 ft (6.1 m), whereas the average regular wall pier footing/pile
cap length was about 41 ft (12.5 m). This difference in average length can be easily understood
when one considers the basic geometry of the wall piers involved. Hammerhead wall piers have a
distinctive shape that limits their footing/pile cap length, whereas regular wall piers do not have this
limitation and can therefore be of any length. In addition, regular wall pier bridges typically carry
wider superstructures, thus necessitating longer pier walls and longer pier wall footings/pile caps.
The majority of the footings/pile caps had low reinforcement ratios (<0.3%), with the reinforc-
ing steel located in a single layer in the lower half of the footing/pile cap (see Figure 2.6). The
footing/pile cap cross-longitudinal reinforcing ratio (for reinforcing steel that runs perpendicular to
the plane of the wall) ranged from 0.06% to 0.72%, with the vast majority of the pier wall foot-
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ings/pile caps (79%) having ratios less than 0.3%. The average footing/pile cap cross-longitudinal
reinforcing ratio (for steel that runs parallel to the plane of the wall) was 0.23%. The footing/pile
cap longitudinal reinforcing ratio ranged from 0.01% to 0.23%, with an average ratio was 0.1%.
2.3.4 Pier Information Category
Nearly all of the wall pier bridges in the sample had lap splices in the pier wall vertical steel,
between the footing or pile cap and the base of the wall. Additional lap splices other than those just
mentioned were sometimes encountered, but they were rare. These lap splices were typically in the
vertical steel at the mid-height of the wall; however, due to their rarity, the collected information
excluded information about these lap splices.
Typical vertical pier wall reinforcing steel lap splice length to bar diameter (l/db) ratios ranged
from 21 to 53. Nearly 83% of the sampled piers had l/db ratios greater than 30, and more than half
(53%) had l/db ratios greater than 40. Most of the vertical pier wall reinforcing steel lap splices
employed either #5 or #6 (#15 or #20, in metric bar sizes) reinforcing bars in the lap splice, as well
as throughout the wall.
Overall wall pier dimensions varied greatly. The average pier height was approximately 19 ft
(5.8 m), but pier heights as tall as 46 ft (14 m) and as short as 9 ft (2.7 m) were encountered. In gen-
eral, the hammerhead wall piers were slightly taller than the regular wall piers, with average heights
of about 24 ft (7.3 m) and 18 ft (5.5 m), respectively. Again, this trend toward taller hammerhead
bridges and shorter regular bridges seems to be a result of hammerhead bridges being used to span
over priority routes, where certain clearance criteria must be met, versus regular bridges being used
to span waterways, where a different set of clearance criteria must be met. The average pier wall
thickness was approximately 3 ft (0.9 m). The thickest pier wall sampled was 4.5 ft (1.4 m) thick,
and the thinnest was 2.5 ft (0.8 m) thick. The majority of the pier walls (71%) were between 2.5
and 3 ft (0.8 and 0.9 m) thick. Pier length varied greatly, with pier walls from 14 to 57 ft (4.3 to 17.4
m) in length. As was true with the footing/pile cap lengths (and for the same reasons), the regular
wall pier bridges in general had longer pier wall lengths than the hammerhead pier walls, with the
average lengths being about 40 ft (12.2 m) and 18 ft (5.5 m), respectively.
The piers had extremely light vertical and horizontal reinforcement (by today’s standards). The
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average pier wall vertical reinforcing ratio was 0.24%. The maximum ratio was 0.70%, and the
minimum was 0.13%. The majority of the pier walls (92%) had ratios in the range of 0.1% to 0.4%,
with 51% being in the range from 0.1% to 0.2%. The average pier wall horizontal reinforcing ratio
was 0.15%. The maximum ratio was 0.28%, and the minimum was 0.08%. The majority of wall
piers (approximately 53%) had horizontal steel ratios between 0.15% and 0.2%. The remainder of
the wall piers had horizontal steel ratios less than 0.15%, except for approximately 6% of the piers
(or 3 wall piers) that had horizontal steel ratios between 0.25% and 0.33%. None of the piers had
transverse reinforcing steel (through the thickness of the wall). These low reinforcing ratios are
presumably in part a result of the fact that seismic loads were not considered when these structure
were designed.
2.3.5 Bearing Information Category
Several bearing types have been used in conjunction with wall pier supported bridges. These bearing
types are classified as high steel rocker (roller type bearing), high steel bolster (fixed bearing), low
steel rocker (roller type bearing), low steel bolster (fixed bearing), type I elastomeric, and type II
elastomeric. Typical details for each of these bearing types are shown in Figures 2.7 through 2.11.
High steel rocker and bolster type bearings (Figures 2.7 and 2.8) were by far the most prevalent
bearing types employed between the piers and superstructure, with 80% of the wall piers employing
these bearing types. Several wall piers (approximately 10%) employed low steel rocker and bolster
bearings, and several others (approximately 6%) employed Type I elastomeric bearings.
Elastomeric bearings (Figures 2.10 and 2.11) were used much more often at the abutments, with
either type I or type II elastomeric bearings being utilized on about one-third of the abutments. This
increase is undoubtedly due to the retrofit program IDOT has instituted that replaces existing steel
rocker bearings at the abutments, which suffer extensively from corrosion due to the infiltration
of water through the expansion joints located there, with corrosion resistant elastomeric bearings.
Steel rocker bearings still made up the majority of the bearings utilized at the abutments, with nearly
62% of the abutments employing them. At both the piers and the abutments, very few occurrences
of low steel bearings were encountered.
None of the bridges in the sample had elastomeric bearings at all of its piers and both of its
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Figure 2.7: Typical Southern Illinois High Steel Bolster Bearing
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Figure 2.8: Typical Southern Illinois High Steel Rocker Bearing
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Figure 2.9: Typical Southern Illinois Low Steel Bearing
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Figure 2.10: Typical Southern Illinois Type I Elastomeric Bearing
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Figure 2.11: Typical Southern Illinois Type II Elastomeric Bearing
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Figure 2.12: Typical Expansion Joint
abutments. This is because a high steel bolster or low steel bearing was always used at the fixed
bearing pier. The typical bearing configuration for one pier structures that utilized elastomeric
bearings was to have those bearings (specifically type I) at both abutments. For similar two pier
structures, type I elastomeric bearings would be located at both abutments and type II elastomeric
bearings at the roller bearing pier. For similar three pier structures, type I elastomeric bearings
would be used at the roller bearing piers (non-central piers) and type II elastomeric bearings at the
abutments.
2.3.6 Expansion Joint Information Category
Figure 2.12 illustrates a typical southern Illinois priority emergency route wall pier supported bridge
expansion joint. The vast majority of bridges in the sample (86%) had two expansion joints. A
couple of bridges employed simply-supported spans and therefore had more expansion. There
was only one occurrence each of four, five, and no joints. Because most of the bridges employed
superstructures that were continuous over their supporting piers, the two expansion joints were
usually located at each end of the bridge, between the superstructure and an abutment. The majority
of the expansion joints (68% of the sampled bridges) had gaps of 1.5 in. (40 mm). The maximum
gap was 4.9 in. (120 mm).
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2.3.7 Abutment/Embankment Information Category
Approximately half of the sampled bridges employed embankments. Most of the hammerhead
wall pier supported bridges (70%) had embankments, and most of the regular wall pier supported
bridges (60%) did not have them. This, again, is largely a result of the fact that in most instances
the hammerhead bridges are used to carry vehicles over a priority emergency route, thus requiring
embankments to achieve the required road surface elevation at the point of crossing, while in most
instances the regular wall pier bridges have no need for approach embankments because the grade
surrounding many streams and rivers is already somewhat elevated above the water surface.
Steel piles were the most prevalent pile type utilized at the abutment, with approximately 59%
of the abutments employing them. Concrete piles (CFSP and others) were the second most common
pile type employed, with 32% of the abutments employing them. Timber and metal shell piles were
also encountered, but only 9% of the abutments employed either of these types.
The majority of abutments employed from 6 to 15 piles (approximately 64% of the abutments).
The average number of piles per abutment was about 14, the maximum was 26, and the minimum
was 7. Typically two of these piles (or one pile per wing wall) were located in the abutment wing
walls, with approximately 59% of the abutments having this configuration, and on average about 6
of these were battered. As was true with the battered piles suporting the piers, 6 in. (150 mm) of
vertical rise for every 1 in. (25 mm) of horizontal run was the most common battered pile slope,
with 90% of the abutments employing battered piles having this battered pile slope. These abutment
piles ranged in length from 14 to 126 ft (4.3 m to 38.4 m), although only a few of the abutments
employed piles in the upper half of the range. The average pile length was about 48 ft (14.6 m).
Finally, these piles were typically (91% of the abutments) embedded into the abutment 12 in. (300
mm). Two instances of 24 in. (610 mm) and two instances of 30 in. (760 mm) embedment depths
were encountered (where two abutments is equal to one bridge).
2.3.8 Material Property Information Category
The variation in design concrete compressive strength (f ′c) was minimal, with values ranging from 3
ksi (21 MPa) to 3.5 ksi (24 MPa). The average value was approximately 3.4 ksi (23 MPa). The vast
majority of the sampled bridges (approximately 84%) had structural steel yield stress values (fy) of
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either 36 ksi (250 MPa) or 40 ksi (275 MPa). The majority of the sampled bridges (approximately
77%) had reinforcement yield stress values (fy) of 40 ksi (275 MPa), found exclusively in older
bridges, and the remaining bridges (approximately 23%) had values of 60 ksi (415 MPa).
2.4 Site Soil Characteristics
Each bridge in the sample had several accompanying soil boring logs. Figure 2.13 illustrates a
typical southern Illinois boring log. These boring logs contain information about the various soil
layers encountered at the site, including a visual classification of each soil layer, the depth to the top
and bottom of each layer, and where appropriate, undrained shear strengths. Standard penetration
test blow count N values were also given at constant intervals along the depth of the boring. These
borings typically terminated at a depth approximately equal to the eventual penetration depth of the
pier piles and were typically located near each abutment and pier.
Soil profiles, as determined from the original construction soil borings, were composed mostly
of clays, silty clays, and clay loams, with a number of the profiles also containing layers of sand.
Very few of the hammerhead bridges had potentially liquefiable soils within their profiles, whereas
the majority of the regular bridges had at least one soil layer that is potentially liquefiable. Many of
the bridge soil boring reports indicated the depth to the water table at the time of boring, with the
average depth being approximately 15 ft (4.5 m). The water table depth for several bridges (all of
which are regular wall pier bridges) was right at the ground surface.
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Figure 2.13: Typical Boring Log
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Chapter 3
Three-Dimensional Modeling of Wall Pier Supported Bridges
3.1 Introduction
The general purpose finite element analysis program ABAQUS [33] was used to carry out all of the
numerical analyses presented in the proceeding chapters. A number of fully three-dimensional non-
linear models were constructed for each of the two major numerical portions of this research project
(namely, the pushover and fragility analysis components). An extensive literature review was con-
ducted to determine appropriate models and modeling techniques for analytically representing each
of the major bridge components [13].
Each numerical model in this study incorporated all or most of the following major compo-
nents: approach embankments/abutments, expansion joints, bearings, superstructure, wall pier(s),
footing(s)/pile cap(s), and pile or mat foundation(s). Figure 3.1 illustrates these various compo-
nents as they were numerically represented in ABAQUS. The following discussion briefly outlines
the various models that were investigated to represent each of these components. Concluding each
model component section is a description of the model that was ultimately selected, including de-
tails pertaining to assumptions that were made to implement the model.
3.2 Abutment/Embankment Models
The static and dynamic characteristics of embankments and abutments have been shown to have a
significant affect on the overall response of a bridge structure [74]. This is especially true for the
response of a bridge in the longitudinal direction (motion back and forth along the length of the
bridge), where the abutments and embankments directly participate in carrying the seismic loads
once the expansion joint gaps have closed. For this reason it was important that models representing
these components be included in the wall pier numerical models.
Three abutment/embankment model types exist – models representing the behavior of the abut-
ment only, models representing the behavior of the embankment only, and combined abutment/em-
bankment models that represent the behavior of both simultaneously. Most of these models are in-
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Figure 3.1: Example Wall Pier Bridge Model
tended to capture the behavior in only one horizontal direction (transverse or longitudinal), whereas
only a few are intended to model the behavior in two perpendicular directions (both transverse and
longitudinal). The following discussion includes information pertaining to these details.
3.2.1 Embankment Only Models
Wilson and Tan presented a model in which an embankment is considered as a trapezoid that is
discretized into unit width by infinitesimally thin horizontal sheets [70–72]. Using an elastic plane
strain analysis, a static load is applied to the top of the embankment in the transverse direction,
and then the resulting shear deformations are integrated over the embankment height to determine
the total displacement. From the obtained values, an equivalent linear shear spring stiffness is
calculated. Using this shear spring stiffness, the transverse (to the span of the bridge) embankment
behavior can be modeled. This model, however, does not account for the interaction of the abutment
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piles with the embankment soil, nor for the inertial mass of the embankment.
Werner presented a model in which an embankment is considered as a point mass supported
on a transverse linear spring, with stiffness based on that of the Wilson and Tan model [69, 72].
This model is also intended to capture the transverse behavior of the embankment. The equivalent
spring stiffness is calculated by multiplying the unit width stiffness value of Wilson and Tan’s model
by a constant that is based on an “effective length” of embankment. The equivalent embankment
mass is proportional to the volume contained in the idealized Wilson and Tan model trapezoidal
embankment wedge, with a length of 1/16th of the total length of the supported bridge. The model
is to be used in conjunction with a modal damping ratio that is a function of the amplitudes of the
first vertical and transverse mode shapes. The effective embankment length and modal damping
ratios were determined from calibrations using the response of the Meloland Road Overpass to the
1979 Imperial Valley earthquake and therefore may lack applicability to other more general bridge
configurations and loadings.
Finally, Price presented a model in which an embankment is considered as an equivalent one-
dimensional shear beam [54, 72]. The model is again designed to represent the transverse behavior
of the embankment, as well as to account for embankment soil nonlinearity, “soil structure inter-
action, 3-D response near the bridge abutment, and scattering of incident seismic energy in the
vicinity of the embankment” [54]. The method used here to calculate the modal damping ratios is
difficult to implement in a standard finite element program, and the model does not directly account
for pile-soil interaction at the abutment.
3.2.2 Abutment Only Models
Siddharthan presented a model that represents the abutment behavior in both the transverse and
longitudinal directions [59, 72]. In the model, abutment forces and moments are considered, and
transverse and longitudinal equivalent linear spring stiffnesses are determined from the secant stiff-
nesses of the resulting force displacement relationships. Only monotonic loading is considered, and
therefore the model does not incorporate damping of any sort. Without damping, which has been
reported to be as high as 25% to 45% for abutments on soil embankments, it is highly unlikely that
this model can accurately reflect the dynamic response of an abutment. The model does account for
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the interaction of abutment piles with the surrounding embankment soil.
The Applied Technology Council (ATC) has presented a model in which the abutment behavior
in both the transverse and longitudinal directions is considered [8, 36]. The transverse and lon-
gitudinal abutment response characteristics are represented by nonlinear equivalent springs. The
transverse abutment stiffness and capacity are determined from the wing wall dimensions, a typ-
ical average soil pressure capacity, and an estimated pile strength and stiffness. The longitudinal
abutment strength and stiffness is represented by nonlinear compression only yielding of the soil
backfill, with strength and stiffness values determined from the backwall and wing wall dimensions,
as well as a typical average soil pressure capacity and stiffness. The contribution of the piles to the
response in this direction is neglected. The recommended soil and pile parameters are based on typ-
ical California bridge designs. Therefore, they may not be generally applicable to southern Illinois
bridges.
3.2.3 Combined Abutment/Embankment Models
Sweet and Morrill, and also McCallen and Romstad, presented a fully three-dimensional finite
element model of a two span highway overpass (the Painter Street bridge) in which the transverse
and longitudinal behavior of the abutments and embankments were modeled directly [46, 47, 63,
72]. The Painter Street bridge and surrounding soil and embankments were represented in the
model using beam, shell, and solid elements. The solid elements were used in conjunction with
the Ramberg-Osgood constitutive model to represent the embankment and surrounding soils. The
model was extremely complex, and to build an abutment/embankment and surrounding soil model
of similar complexity and scale for each of the models in this project would be impractical.
Wissawapaisal and Aschheim presented a model in which the transverse behavior of the em-
bankment can be represented [72]. This is accomplished by considering the embankment as several
finite thickness horizontal layers. The system of layers represents a plane strain idealization of
the embankment in which only shear deformations are considered. Each layer is connected with
simple shear springs, and each layer’s mass is lumped at its midpoint. In the “soil-pile” version of
the model, the soil-pile interaction at the abutment is directly modeled using nonlinear p-y springs
between the abutment piles and the embankment soil layers. The only empirically determined pa-
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rameter is the contributory length of embankment. In the “soil-slice” model, the piles are modeled
indirectly through adjustment of the embankment length parameter. Inel and Aschheim extended
this model by lumping the soil mass for each layer at the end of each layer spring, and by modifying
the methodology to account for embankment skew [36].
3.2.4 Selected Abutment/Embankment Model
Abutment Model
To represent the abutments, the simple ATC model was selected [8]. In this model nonlinear equiv-
alent springs are used to represent the longitudinal and transverse behavior of the abutment. To
calculate the ultimate strengths and stiffnesses of these springs, the following procedure (based on
the ATC recommendations) was followed.
First, the transverse abutment strength (Sabutment) and stiffness (Kabutment) were calculated
using the individual abutment pile strength (Spile) of 40 kips (180 kN), and stiffness (Kpile) of 40
kips/in (7000 kN/m), as recommended by the ATC. This was done as follows:
Sabutment = NpilesSpile (3.1)
Kabutment = NpilesKpile (3.2)
where Npiles represents the number of abutment piles. A total of 18 piles per abutment was assumed
for the hammerhead bridge abutments, whereas a total of 27 piles per abutment was assumed for
the regular bridge abutments (which typically have more abutment piles due to their wider super-
structures and longer abutments).
Second, the longitudinal abutment strength (Sbackwall) was calculated. Per the ATC recommen-
dations, only the passive strength of the soil behind the abutment backwall was considered. The
contribution of the abutment piles to the longitudinal strength and stiffness of the abutment was
neglected. A soil resisting pressure (Ssoil) of 7.7 ksf (370 kPa) was assumed, which the ATC rec-
ommendations state is a value that has been found to be appropriate for abutment backwalls that
are 8 ft (2.4 m) in height. Based on this assumed soil resisting pressure, the longitudinal abutment
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strength was calculated as follows:
Sbackwall = HabutmentLabutmentSsoil (3.3)
where Habutment and Labutment represent the abutment backwall height and length, respectively.
Based on characteristics of the sampled wall pier bridges, an abutment backwall height of 8 ft (2.4
m), and abutment backwall lengths of 30 ft (9.1 m) and 44 ft (13.4 m) for the hammerhead and
regular wall pier supported bridges, respectively, were assumed. The backwall is expected to reach
this capacity at a displacement of between 1% and 2% of the backwall height. A value of 1% was
assumed. Thus, the abutment backwall stiffness (Kbackwall) was calculated as follows:
Kbackwall =
Sbackwall
0.01Habutment
(3.4)
Each abutment was represented by several two-node three-dimensional beam-column (B31) el-
ements, with an associated linear elastic material constitutive model that employed a high modulus
of elasticity [33]. The overall abutment response characteristics were modeled using several pairs of
uniaxial force elements distributed along the length of this abutment representation. The response
characteristics of these elements were based on the parameters calculated above. The abutment was
modeled in this manner in order to capture the three-dimensional aspects of the abutment behav-
ior. Figure 3.2 illustrates the general response characteristics of the abutment model uniaxial force
elements. Note that the ABAQUS material model associated with these elements to represent this
behavior utilized an isotropic hardening rule [33].
Embankment Model
To represent the embankments, the Wissawapaisal and Aschheim model (with the improvements
outlined by Inel and Aschheim) was selected [36, 72]. This model represents the transverse behavior
of the embankments; however, based on the findings of Zhang and Makris [74], the model was also
used to represent the longitudinal embankment behavior.
In this model the embankment is discretized into several finite thickness horizontal layers, with
shear springs and lumped masses numerically representing these layers. Figure 3.3 illustrates this.
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(a) Longitudinal Behavior (b) Transverse Behavior
Figure 3.2: Abutment Model Response Characteristics
Figure 3.3: Embankment Model Layer Discretization [36]
To compute the shear spring properties for each layer, the following procedure was followed.
First, embankment soil properties, such as unit weight and a relationship between shear modulus
and shear strain, were determined. Clay soils are typically used in southern Illinois embankments
[21]. Therefore, this soil type was assumed and a typical unit weight and shear modulus versus
shear strain relationships identified.
Second, embankment geometric parameters, such as embankment height, crest width, side
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slope, layer thickness, and effective length, were determined. The embankment height was taken
as being equal to the pier wall height. For all of the bridge models that employed embankments,
this height was approximately 20 ft (6.1 m). The embankment crest width was taken equal to the
superstructure width. For the hammerhead bridges this was approximately 32 ft (9.8 m), and for the
regular bridges this was approximately 42 ft (12.8 m). The embankment side slope was determined
from the sampled bridge structural drawings. A slope of 3 horizontal run in 1 rise was found to
be the most prevalent. To determine the average soil layer thickness, the abutment backwall height
(Habutment) was subtracted from the total embankment height (Hembankment), and the remaining
embankment height (H ′) was divided into four equal layers (in all cases). This yielded a soil layer
thickness (zl) of:
zl =
Hembankment −Habutment
Nlayers
=
H ′
Nlayers
(3.5)
where Nlayers represents the number of soil layers. Based on an approximate embankment height
of 20 ft (6.1 m) and abutment height of 8 ft (2.4 m), each soil layer was approximately 3 ft (0.9 m)
thick. The effective embankment length was assumed to be 26 ft (8.0 m), as per the findings of Inel
[36].
Finally, each soil layer’s shear spring properties were calculated. To do this, each soil layer had
applied to it a certain displacement (∆). From this selected displacement a shear strain (γs) was
calculated, as follows:
γs =
∆
zl
(3.6)
Using the calculated shear strain, and the identified embankment soil relationship between shear
modulus and shear strain, a shear modulus (G) was determined. Based on this shear modulus, the
effective abutment length (L), and the average width of the soil layer (wl), a secant modulus (Ksec)
was then calculated, as follows:
Ksec =
GwlL
zl
(3.7)
From this secant stiffness, the resulting layer force (F ) was calculated, as follows:
F = Ksec∆ (3.8)
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Figure 3.4: Embankment Soil Layer Model Response Characteristics
The process was then repeated for additional ∆ values until the resulting soil layer response was
sufficiently defined. The combination of the individual soil layer responses represents the response
of the entire embankment.
To model the embankment, each soil layer was represented by a pair of elastic-plastic uniaxial
force elements. One uniaxial force element represented each soil layer’s response in the longitu-
dinal direction, and one in the transverse. Figure 3.4 shows the typical response characteristics of
these elements. Note that the ABAQUS material model associated with these elements to repre-
sent this behavior utilized an isotropic hardening rule [33]. To represent the entire embankment,
these uniaxial force elements were connected in series. Placed at the point of connection between
each soil layer element was a concentrated mass representing half of the mass of the soil layer
above that point and half of the mass of the soil layer below that point. This sequence of masses
and uniaxial force elements was then attached in series to the elements representing the abutment.
This final arrangement of elements and masses, which can be seen in Figure 3.1, represents the
abutment/embankment component model.
3.3 Expansion Joint Models
Expansion joints were present in nearly all of the wall pier bridges in the random sample. Expan-
sion joint behavior has been shown to be significant in the seismic response of typical highway
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bridge structures [14]. It is not difficult to see how these joints directly affect the distribution of
forces throughout the structure and supporting soils. In the longitudinal direction of the bridge, su-
perstructure displacement that does not exceed the expansion joint gap size will result in all of the
forces being carried by the wall pier with fixed bearings. Any superstructure displacement greater
than the expansion joint gap size will lead to contact between the abutment and the superstructure,
which transfers at least some of the load to the abutment. The joint response characteristics will
determine what percentage of the load gets transferred. For this reason it is important that models
representing the expansion joints be included in the wall pier numerical models.
The ATC has presented a model in which the expansion joint is represented by simple nonlinear
springs and gap elements [8]. These elements model the joint stiffness in all three directions, with
compression-only impact springs located at each edge of the superstructure slab modeling the joint
normal stiffness, shear springs modeling joint shear stiffness, and vertical springs modeling joint
vertical stiffness.
Using ABAQUS, the expansion joint can be modeled directly [33]. This can be accomplished
using contact elements, or any of the myriad other simple elements, with appropriately defined
constitutive models.
3.3.1 Selected Expansion Joint Model
To represent the expansion joints, a combination of both the ATC and ABAQUS models was se-
lected [8, 33]. Simple ABAQUS nonlinear elastic spring elements, with high stiffness upon gap
closing and zero stiffness otherwise, made up the model. Only forces acting normal to the abutment
face were considered; forces acting transverse to the abutment face, such as those resulting from
friction between the superstructure and abutment, were not. Figure 3.5 illustrates the behavior of the
nonlinear elastic spring elements used. Several of these springs were distributed along the length of
the abutment-superstructure interface to properly capture the three-dimensional interaction between
the two. Figure 3.1 illustrates the placement of these springs.
3.4 Bearing Models
Steel bearings have been shown to be susceptible to failure under reversed cyclic loading; fragility
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Figure 3.5: Expansion Joint Nonlinear Spring Response Characteristics
analyses of four types of bridges, typical of those found in the Midwest, have shown that steel
bearings are a highly vulnerable bridge component; and the multi-column pier supported bridge
project of Zhong indicated that steel bearing shear failures would be prevalent in a 2% PE/50 event
[15, 44, 75]. Similar bearing vulnerabilities might well be expected in wall pier supported bridges,
too. Wall piers, which are extremely stiff and strong with respect to loading in the plane of the wall,
have the potential to create very high shear forces in the bearings. These high shear forces could
lead to anchor bolt shear failures, pintle shear failures, bearing toppling, or loss of seat. For this
reason it is important that component models representing the bearings be included in the wall pier
numerical models, and that these models be able to capture the effect of these bearing failures on
the response of the structure.
Steel and elastomeric are the two major bearing types used in southern Illinois wall pier sup-
ported bridges. These bearing types are expected to have significantly different response character-
istics. Therefore, two different bearing models are required, one representing each major bearing
type.
3.4.1 Steel Bearing Models
Mander et al. presented a number of steel bearing models in which the bearing is represented by
simple truss and link elements [44]. Theoretical bearing strengths and stiffnesses are obtained
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based on simple strength of materials and solid mechanics considerations. The model is designed
to representing both the transverse and longitudinal cyclic bearing response.
Kornkasem presented a steel bearing model in which the bearing is represented by nonlinear gap
(compression only) and hook (tension only) elements [41]. The input parameters (allowable rotation
and allowable displacement) are determined from structural drawings. The resulting behavior is
essentially linear, and no account is taken of the consequences of exceeding failure criteria. In
addition, this model is only capable of representing longitudinal (along the length of the bridge)
bearing behavior.
3.4.2 Elastomeric Bearing Models
Wissawapaisal presented a model in which Illinois Type I, II, and III elastomeric bearings are rep-
resented by simple nonlinear springs, gap springs, and coulomb elements [9, 38, 72]. The model’s
response characteristics were tailored to represent the hysteric Type I elastomeric bearing curves
produced by Kelly and Quiroz [38]. The model is easily implemented and can be adapted to repre-
sent the behavior of these bearings in both horizontal directions.
3.4.3 Selected Bearing Models
Steel Bearing Model
To represent steel bearings, the Mander et al. model was selected [44]. In the design of this model,
steel bearings from bridges located in the eastern United States were retrieved and tested. Based on
how these bearings responded to reversed cyclic loading, several bearing models were created. The
steel bearings that were considered differ somewhat from those encountered in southern Illinois.
Figure 3.6 illustrates the bearings tested (for comparison, Figures 2.7 through 2.9 illustrate the steel
bearings used in southern Illinois). Because of these differences, the Mander et al. models could not
be used directly. Instead, simple uniaxial force element models, with response characteristics based
on the applicable ultimate strength equations developed by Mander et al., were created and used.
Several bearing limit states are considered in the Mander et al. models. Only some of these
limit states are applicable to each type of southern Illinois steel bearing. For the low steel bolster
(fixed) bearings, only the limit states of shear failure of the anchor bolts and shear failure of the
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Figure 3.6: Steel Bearings Used by Mander et al. to Produce Bearing Models [44]
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pintles are applicable. Based on the equations outline by Mander et al., the ultimate longitudinal
and transverse bearing strength (Sbearing) for the limit state of shear failure of the anchor bolts is
given by:
Sbearing = µ1W +NboltsAboltf(sv)b (3.9)
where µ1 is the coefficient of friction between the masonry plate and pier, W is the load on the
bearing due to the weight of the superstructure, Nbolts is the number of anchor bolts, Abolt is the
anchor bolt cross-sectional area, and f(sv)b is the ultimate shear strength of the anchor bolt material
(= 0.6f(su)b, where f(su)b is the ultimate tensile strength of the anchor bolt material). Whereas, the
ultimate longitudinal and transverse bearing strength for the limit state of shear failure of the pintles
is given by:
Sbearing = µ2W +NpintlesApintlef(sv)p (3.10)
where µ2 is the coefficient of friction between the bearing and the steel beam it is supporting,
Npintles is the number of bearing pintles, Apintle is the pintle cross-sectional area, and f(sv)p is
the ultimate shear strength of the pintle material (= 0.6f(su)p, where f(su)p is the ultimate tensile
strength of the pintle material).
For the high steel bolster (fixed) bearings, both of the failure limit states outlined above for
the low steel bearings are applicable. In addition, the limit state of anchor bolt failure due to the
combined actions of prying (tension) and shear is also applicable. Based on simple equilibrium
considerations, Mander et al. presented the following three equations for a high steel bearing loaded
longitudinally (in the direction of the span of the bridge):
Sbearing = NboltsV + µ1Ctoe (3.11)
Ctoe =W +NboltsT (3.12)
Sbearinghbearing = Ctoe
(
wbearing − a
2
)
(3.13)
where V is the shear force applied to a single anchor bolt, Ctoe is the compression force that de-
velops at the toe of the steel bearing as a result of the prying action on the bearing, T is the tensile
capacity of a single anchor bolt, hbearing is the height of the bearing, wbearing is the width of the
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bearing masonry plate (in the longitudinal direction of the superstructure), and a is the depth of the
stress block that develops at the toe of the steel bearing due to the prying action on the bearing.
All other variables are as defined above. The ultimate bearing strength for the limit state of anchor
bolt failure due to the combined actions of prying (tension) and shear for a bearing loaded in the
longitudinal direction is determined by solving these three equations simultaneously for Sbearing.
To do this, T is taken equal to the AISC LRFD steel design manual combined shear and tension
interaction equation:
T = 59− 2.5fv ≤ 45 ksi
T = 407− 2.5fv ≤ 310 MPa
(3.14)
where fv is the shear stress in the bolt due to the applied loading, and V is assumed to be 70% of
the shear capacity of the anchor bolt [4].
On the other hand, the ultimate bearing strength for the limit state of anchor bolt failure due to
the combined actions of prying (tension) and shear for a bearing loaded in the transverse direction
is given by the following:
Sbearing =
Tb3
hbearing
+ 0.5
Wlbearing
hbearing
[(
1 +
T
W
)
− W
0.85f ′cwbearinglbearing
(
1 +
T
W
)2]
(3.15)
where b3 is the distance between the center of the masonry plate and the anchor bolt in the transverse
direction, lbearing is the length of the bearing masonry plate (in the direction transverse to the span
of the superstructure), f ′c is the pier concrete compressive strength, and T is the tensile strength of
the anchor bolt based on yielding of the bolt or failure of the bolt anchorage bond (whichever is
smaller). All other variables are as defined above. T may be taken as the smaller of the following
two equations:
T = Aboltfy (3.16)
T = uu(pidbolt)lanchorage (3.17)
where fy is the tensile yield strength of the bolt material, uu is the ultimate strength of the anchor
bolt bond, dbolt is the diameter of the anchorage bolt, and lanchorage is the anchorage length of the
bolt. All other variables are as defined above.
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For the high steel rocker (roller) bearings, the limit states of anchor bolt shear failure, pintle
shear failure, and overturning are only applicable when the bearing is loaded in the transverse (to
the span direction of the bridge) direction. When loaded in the longitudinal direction, the bearing
acts as a roller, providing little resistance; overturning is the only applicable limit state in this case.
However, this limit state does not affect the response characteristics of the high steel rocker (roller)
bearing model, and is not presented here. Therefore, only the transverse limit states are discussed.
The anchor bolt and pintle shear failure limit state capacities are governed by the equations already
presented above. The transverse ultimate strength for the limit state of overturning is given by:
Sbearing =
W (b1 + b2)
hbearing − µpb2 (3.18)
where b1 is half the length of the top of the rocker (in the direction transverse to the span of the
superstructure), b2 is half the length of the bottom of the rocker (in the direction transverse to the
span of the superstructure), and µp is the coefficient of friction between the pintle and pintle socket.
All other variables are as defined above.
Ultimate capacities for each of the southern Illinois bearing types, and for each direction of
loading, were calculated using the equations above. The limit state resulting in the smallest capacity
was considered as controlling. The controlling capacity was then used to define the ultimate capac-
ity of each bearing model’s uniaxial force elements. Each steel bearing model consisted of either
two or four uniaxial force elements, with two or one elements representing the bearing’s behavior
in the transverse direction, and two or one representing the bearing’s behavior in the longitudinal
direction. It was assumed that the ultimate capacity would be achieved when the differential dis-
placement between the top and bottom of the bearing reached one-half the anchor bolt diameter.
This displacement was selected to account for the oversizing of the bolt holes in the masonry plate,
as well as bending and shear deformations in the bolt before the ultimate load had been obtained.
Complete loss in capacity was assumed to occur at a differential displacement of one-bolt diameter.
(These values were selected based on the fact that all of the controlling bearing failure limit states
were related to failure of the anchor bolts, as noted below.) Figure 3.7 represents the response char-
acteristics of these elements for the various steel bearing types. Note that the ABAQUS material
model associated with these elements to represent this behavior utilized an isotropic hardening rule
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(a) Fixed Bearing Longitudinal Behavior (b) Fixed Bearing Transverse Behavior
(c) Roller Bearing Longitudinal Behavior (d) Roller Bearing Transverse Behavior
Figure 3.7: Steel Bearing Model Element Response Characteristics
[33].
The calculations used to determine the bearing model capacities assumed the following bearing
and anchor bolt material and geometric characteristics (all based on typical characteristics deter-
mined from the sampled wall pier bridges). All anchor bolts were assumed to be 1 in. (25 mm) in
diameter and to be made from a mild grade steel, with a yield strength of 36 ksi (250 MPa) and
ultimate strength of 60 ksi (415 MPa). Every steel bearing was assumed to have two of these an-
chor bolts. Low steel bolster (fixed) bearings and high steel bolster (fixed) bearings were assume
to have three pintles each, whereas high steel rocker (roller) bearings were assumed to have only
two. These pintles were assumed to have a base diameter of 1.25 in. (30 mm) and also to be made
from a mild grade steel, with a yield strength of 36 ksi (250 MPa) and ultimate strength of 60 ksi
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(415 MPa). The coefficient of friction between the masonry plate and pier (µ1), and between the
the bearing and the steel beam (µ2), were both assumed to be equal to 0.4. The load on the bearing
due to the weight of the superstructure (W ) was based on a typical average superstructure weight,
as determined form the sampled wall pier bridges, and selected bridge model span lengths. The
height of the high steel bearings (hbearing) was assumed to be approximately 11 in. (280 mm), the
width (wbearing) was assumed to be approximately 8 in. (200 mm), and the length (lbearing) ap-
proximately 16 in. (410 mm). An ultimate bond strength (uu) of 500 psi (3500 kPa) [44], and an
anchorage length (lanchorage) of 12 in. (300 mm) was assumed. Finally, 0.4 was assumed as the
coefficient of friction between the pintle and pintle socket (µp).
Based on the above assumed information, the limit state of anchor bolt shear failure was deter-
mined to control for both transverse and longitudinal loading of the low steel bolster bearings. For
the high steel bolster (fixed) bearings, the limit state of anchor bolt shear failure was determined
to control for transverse loading, and toppling (or anchor bolt failure by the combined action of
prying (tension) and shear) was determined to control for longitudinal loading. For the high steel
rocker (roller) bearings, the limit state of anchor bolt shear failure was determined to control for
transverse loading. This was for bearings located at both the abutments and piers where the load on
each bearing due to the weight of the superstructure differed. In the longitudinal direction, the high
steel rocker (roller) bearings were assume to provide no (or very little) resistance, and therefore,
there were no limit states applicable to the model behavior.
Elastomeric Bearing Model
To represent the elastomeric bearings, the Wissawapaisal model was selected [9, 38, 72]. In this
model a bilinear response is used to represent the behavior of Type I elastomeric bearings. Meth-
ods for calculating initial and post-yield stiffnesses were reported; however, instead of using those
equations to estimate the response parameters, they were obtained from the test data presented by
Ash et al. [9].
For the Type I elastomeric bearings, an elastomer height of about 4 in. (100 mm), length (in the
direction transverse to the span of the superstructure) of 12 in. (300 mm), and width (in the direction
of the span of the superstructure) of 9 in. (230 mm) were assumed (all based on typical elastomeric
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(a) Type I Longitudinal Behavior (b) Type I Transverse Behavior
Figure 3.8: Illinois Type I Elastomeric Bearing Model Element Response Characteristics
(a) Type II Longitudinal Behavior (b) Type II Transverse Behavior
Figure 3.9: Illinois Type II Elastomeric Bearing Model Element Response Characteristics
bearing characteristics determined from the sampled wall pier bridges). Two uniaxial force elements
were used to represent each bearing, one element representing the bearing response in each of the
two horizontal directions. An elastic-plastic material constitutive model, with kinematic hardening,
was associated with each of these elements. Figure 3.8 illustrates their response characteristics.
For the Type II elastomeric bearings it was assumed that the polytetraflouroethylene (TFE)
slip surface between the bearing and superstructure would provide very little frictional resistance
(which is actually not the case, as reported by Ash et al. [9]). Therefore, for these bearings a
simple elastic perfectly-plastic constitutive model, with very low ultimate strength, was associated
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Figure 3.10: Elastomeric Bearing Keeper Plate Model Element Response Characteristics
with each uniaxial force element representing the bearing. Figure 3.9 illustrates their response
characteristics. Note that the ABAQUS material model associated with these elements to represent
this behavior utilized an isotropic hardening rule [33].
Each elastomeric bearing was assumed to be accompanied by two bearing keeper plates, one
on each side, which restrict transverse (to the span direction) movement of the bearing. Using
the anchor bolt shear failure equation, and assumed anchor bolt characteristics outlined above, the
ultimate strength of these bearing keeper plate assemblies were determined. Uniaxial force elements
were added to both the Type I and II elastomeric bearing models to represent the keeper plate
assemblies. It was assumed that the ultimate capacity would be achieved when the differential
displacement between the top and bottom of the bearing reached one-half the anchor bolt diameter.
This displacement was selected to account for the oversizing of the bolt holes in the bearing keeper
plate, as well as bending and shear deformations in the bolt before the ultimate load had been
obtained. Complete loss in capacity was assumed to occur at a differential displacement of one-
bolt diameter, signifying a complete shear failure of the anchor bolt. Figure 3.10 illustrates their
response characteristics. Note that the ABAQUS material model associated with these elements to
represent this behavior utilized an isotropic hardening rule [33].
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3.5 Superstructure Models
The response of the superstructure may play only a minor role (albeit an important one) in the
response of an entire wall pier bridge structure. This is because it is considered unlikely that the
superstructure will behave in a nonlinear fashion under the expected seismic loadings [8]. For this
reason, a high level of complexity in the superstructure model is not required.
The ATC presented a model in which a bridge deck and supporting structure are represented
by simple three-dimensional linear elastic beam-column elements, with flexural moments of inertia
set equal to either 75% or 100% of the gross moment of inertia, depending on the characteristics of
the superstructure [8, 72]. These beam-column elements, which are oriented along the centerline
of the superstructure, comprise an essentially one-dimensional representation of the concrete deck
and supporting beams. The model is computationally efficient, but due to its simplicity may be
incapable of representing important aspects of the superstructure’s three-dimensional behavior.
In ABAQUS, the bridge deck and supporting beams can be modeled directly using available
shell and beam elements, along with concrete and steel constitutive models [33]. Elements can
be either linear or nonlinear, but per the recommendations of the ATC (and for computational ef-
ficiency), the elements would probably be specified as linear. In contrast to the ATC model, the
superstructure here is represented with geometric dimensions identical to those in a real structure,
thus allowing the three-dimensional interaction of the superstructure with the surrounding structure
to be more fully captured.
Kornkasem presented an analysis model in which the bridge deck is modeled in three dimen-
sions using nonlinear three-dimensional beam-column elements [41]. The beam-column elements
are arranged in a grid, with each element’s properties specified so that the resulting model reflects
the true behavior of the bridge deck and supporting beams. This model is more computationally
efficient than the ABAQUS model in which shell elements are used, but computing the required
beam-column element properties correctly to ensure representative behavior is somewhat involved.
3.5.1 Selected Superstructure Model
To represent the superstructure, the ABAQUS model was selected [33]. Four-node reduced inte-
gration shell (S4R) elements were used to represent the superstructure deck, with two-node three-
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dimensional beam-column (B31) elements attached to represent the supporting steel beams. The
linear elastic concrete, and linear elastic steel, constitutive models (discussed later) were associated
with the shell elements, and beam elements, to represent the deck, and beam, materials, respectively.
The deck thickness was taken as 7.8 in. (200 mm) (which is based on an actual deck thickness of 7.5
in. (190 mm) that has been increased to account for the presence of reinforcing steel on the flexural
stiffness). Based on typical superstructure beam characteristics of the sampled wall pier bridges,
the steel I-shaped beams were assumed to have a depth of 3 ft (0.9 m), flange thicknesses of 1 in.
(25 mm), flange widths of 12 in. (300 mm), and a web thickness of 0.65 in. (15 mm). Four beams
supported the hammerhead wall pier supported bridge decks, and six the regular wall pier supported
bridge decks. Figure 3.1 illustrates this superstructure model.
3.6 Wall Pier Models
The pier is one of the most important structural elements in a wall pier supported bridge, simply
because the wall pier represents a major seismic load carrying link. All of the bridges in the sample
had at least one pier that was either attached to the superstructure directly, or through fixed bearings.
A significant amount of the seismic loads (in both horizontal directions) would be transmitted to
these pier walls, with their response significantly affecting the response of the entire structure. For
this reason, models that accurately represent their behavior are needed.
Three wall pier model types exist – models representing the behavior of a wall subjected to
loading transverse to the wall plane (out-of-plane models), models representing the behavior of a
wall subjected to loading in the plane of the wall (in-plane models), and models that represent the
behavior of a wall subjected to arbitrary loading (combined in-plane and out-of-plane models).
3.6.1 Out-of-Plane Models
The ATC has presented an out-of-plane model in which the wall pier is assumed to behave like a
column [8]. Such models include fiber element models and concentrated plastic hinge models. In
the fiber element models, the column cross-section (or wall pier in this case) is discretized into fiber
elements. These elements consist of steel fibers, plain concrete fibers, and confined concrete fibers.
Each fiber has an associated constitutive model, and the resulting member behavior is determined by
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integrating the material properties over the member cross-section. In the concentrated plastic hinge
models, all of the member’s plastic deformation is modeled by the nonlinear response of one or
more representative plastic hinges. The plastic hinge models are computationally efficient, but rela-
tively coarse; whereas fiber models are good at capturing the true behavior, but are computationally
expensive.
3.6.2 In-Plane Models
The ATC has presented an in-plane model where the wall pier is characterized following the repre-
sentation developed by Sozen, in which three spring elements are used [8]. Flexural deformations,
shear deformations, and reinforcing bar slip deformations are all represented by these simple non-
linear springs. The flexural spring stiffness is calculated using “conventional column procedures”,
the shear spring stiffness has values accounting for concrete that is already cracked, with its stiff-
ness calculated by “standard procedures”, and the reinforcing bar slip spring has stiffness based on
a chosen reinforcing steel bond slip model.
Orakcal, and Colotti, have presented a model entitled the Multi-Component in Parallel model
in which the wall pier is partitioned into several vertical components, with each component being
represented by an equivalent nonlinear truss bar [16, 51]. The truss bars are connected (in parallel)
to a horizontal rigid link element at their top, and connected to the foundation elements at their
base. Shear response of the wall is represented by a nonlinear spring element whose properties are
calculated using a procedure outlined by Colotti [16]. The model has been shown to be capable of
representing in-plane response of reinforced concrete walls under low levels of axial loading.
3.6.3 Combined In-Plane and Out-of-Plane Models
In ABAQUS, a reinforced concrete wall pier can be modeled using shell elements, with embedded
membrane elements to represent the reinforcing steel [33]. Linear or nonlinear material constitutive
models can be assigned to each of these elements to represent the reinforcing steel and wall concrete
materials separately. Reinforcing bar slip and dowel action are modeled indirectly through the
adjustment of various material constitutive model parameters.
In ABAQUS the wall pier can also be modeled using solid three-dimensional brick elements,
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with embedded truss or membrane elements to represent the reinforcing steel [33]. Again, linear
or nonlinear material constitutive models can be assigned to each of these elements to represent the
reinforcing and wall materials separately, and reinforcing bar slip and dowel action are modeled
indirectly through the adjustment of various material constitutive model parameters. This model
allows for full three-dimensional representation of any reinforcing steel within the solid brick ele-
ments, but is extremely computationally expensive.
3.6.4 Selected Wall Pier Model
To represent the wall pier and footing/pile cap, the ABAQUS shell and membrane element model
was selected [33]. Four-node reduced integration shell (S4R) elements were used to represent the
pier wall and footing/pile cap. Anisotropic membrane elements were embedded into both the pier
wall and footing/pile cap shell elements to represent the various layers of reinforcing steel. This
was done using the *Rebar Layer subroutine call in ABAQUS.
Both linear and nonlinear constitutive models, with and without reduced moduli to depict pre-
cracked concrete, were used to represent the wall and footing/pile cap material. In regions of the
wall and footing/pile cap where concrete strains were expected to be moderate, a reduced modulus
linear elastic model (discussed later) was used. In regions of the wall and footing/pile cap where
concrete strains were expected to be significant, a smeared cracking concrete constitutive model
(discussed later) was employed. Finally, in an effort to capture the effects of reinforcing steel
lap splice degradation and bond slip at the base of the wall, a reduced modulus smeared cracking
concrete constitutive model (discussed later) was used. Figure 3.11 illustrates how these material
constitutive models were assigned throughout the pier wall and footing/pile cap for the pushover
models. For the dynamic nonlinear time-history analyses, the smeared cracking (cyan or light blue
colored) elements in the lower portion of the wall were replaced with reduced modulus linear elastic
elements. This was done to reduce the numerical complications introduced by the smeared concrete
cracking model in these analyses.
Figure 3.12 illustrates the difference in pushover response between a pushover analysis ham-
merhead pier wall model and a dynamic analysis hammerhead pier wall model. By using a reduced
modulus linear elastic material model to represent much of the pier wall concrete in the fragility
62
Figure 3.11: Wall Pier Concrete Material Assignments
analysis models, the majority of pier wall out-of-plane bending deformation is forced to occur at the
base of the wall. This means that for a similar top of wall displacement, the bottom row of elements
in a dynamic model will experience larger strains than they would in a pushover model, resulting
in a larger post-yield stiffness for the dynamic model pier walls. In contrast, the ultimate out-of-
plane bending capacities are equal. This is because this capacity is controlled by the quantities and
strengths of the steel reinforcing and concrete at the base of the pier wall (which are identical for
both model types). More importantly, though, the reduced modulus smeared cracking model (used
only at the base of the pier wall) had associated with it a higher material damping coefficient. In
a static pushover analysis, this has no affect on pier wall behavior; however, in a dynamic analy-
sis this high material damping coefficient results in the reduced modulus smeared cracking concrete
constitutive model having an increased capacity (larger forces are required to initiate cracking in the
concrete). Therefore, the use of this high damping coefficient tends to increase both the stiffness
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Figure 3.12: Response Differences Between Hammerhead Pier Model Used in Pushover and
Fragility Analyses
and capacity of the pier wall. Comparison of pier wall out-of-plane bending failure ratios from the
pushover and dynamic analyses indicate that pier wall bending forces in the dynamic models were
as much as 1.8 times greater than those in the pushover analyses, demonstrating that this increased
stiffness and capacity can be significant.
Both the elastic-plastic and reduced modulus elastic-plastic constitutive models (discussed later)
were used to represent the reinforcing steel in the wall and footing/pile cap. All areas of the wall
and footing/pile cap contained steel that was represented by the elastic-plastic (unreduced modulus)
constitutive model, except for the single row of elements at the base of the wall where the reduced
modulus constitutive model was used. As was the case with the concrete constitutive model, this
reduced modulus model was used in an attempt to capture the behavior of reinforcing steel lap splice
degradation and bond slip.
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3.7 Foundation Models
As was pointed out earlier, the wall piers are expected to carry a significant portion of any applied
seismic load. Because the foundation system is the conduit through which the majority of these
loads will be shed, and because the foundation represents an area where potential failures could
occur, the foundation system also represents an important wall pier bridge component. For this
reason, models that accurately represent their behavior are required.
There were two major foundation types encountered within the southern Illinois wall pier ran-
dom sample – pile supported structures and spread footing supported structures. As was discussed
above, the ABAQUS shell and membrane element model was selected to represent the wall pier and
footing/pile cap. The foundation models discussed next do not deal further with this model; rather,
they deal with the soil-structure interaction between the supporting soil and the piles, or between
the supporting soil and the footing.
3.7.1 Pile Foundation Models
One of the most widely used models for representing piles, and pile supported structures, is the
Beam on Nonlinear Winkler Foundation (BNWF) model [8, 41, 48, 66]. In this model the piles are
represented by linear or nonlinear beam-column elements, and the surrounding soil is represented
by linear or nonlinear springs and dashpots. The BNWF model represents the current standard of
practice in modeling pile supported foundations. There are many variations of the model, but the
most sophisticated include gapping at the soil-pile interface, pile group effects, and near and far-field
soil effects. In addition, various methods exist for determining spring stiffness values to represent
the response of the surrounding soils to loading. Most of the methods have been developed from
analyses extending the results from tests of monotonic loading of single piles. The BNWF model
has been implemented by many researchers and has proved itself to be reliable, accurate, easy to
implement, and relatively computationally inexpensive.
3.7.2 Spread Footing Models
In ABAQUS, a spread footing can be modeled using either the *ELEMENT FOUNDATION sub-
routine call, or with equivalent nonlinear spring elements distributed along the base of the footing
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[33]. Compression-only elements can be used to representatively model footing separation from
supporting soil in conditions of uplift.
3.7.3 Selected Foundation Models
Pile Foundation Model
To model the pile supported foundation systems, the BNWF model was selected [8, 41, 48, 66].
Typically the BNWF model employs a single pile-like numerical entity to represent the entire pile
supported foundation. However, for this study each pile was modeled separately. To represent each
pile, two-node three-dimensional beam-column (B31) elements were used [33]. Distributed along
the length of each pile element were a number of nonlinear uniaxial force element triads. Two
elements in the triad were used to represent the surrounding soil’s resistance to pile movement in
the two horizontal directions (transverse and longitudinal), and one element was used to represent
the surrounding soil’s resistance to pile movement in the vertical direction. An additional uniaxial
force element was attached at the base of the pile to represent the soil resistance at the pile tip.
Figure 3.1 illustrates this arrangement.
Each of the pile elements had an appropriate cross-section and material constitutive model as-
sociated with it. The CFSP pile models employed a tubular cross-section, with a 12 in. (300 mm)
diameter and a 0.18 in. (4.6 mm) wall thickness (typical for the CFSP piles found in the sampled
wall pier bridges). The CFSP pile material constitutive model (discussed later) was associated with
this cross-section. The steel pile models employed an H-shaped cross-section, with depth of 9.7 in.
(245 mm), flange widths of 10.1 in. (255 mm), and flange and web thicknesses of 0.4 in. (10 mm) –
equivalent to those of an HP10x42 (English units) section (typically used in the steel pile supported
sampled wall pier bridges). The elastic-plastic steel constitutive model (discussed later) was associ-
ated with the cross-section. The timber pile models employed a 12 in. (300 mm) diameter circular
cross-section (typical for timber piles utilized in the sampled wall pier bridges). The elastic-plastic
wood material constitutive model (discussed later) was associated with the cross-section.
To represent the anchorage of the pile into the pile cap, the top of each pile was numerically
tied to the shell elements representing the pile cap. Since the CFSP and steel piles typically had pile
embedment depths of 12 in. (300 mm), which were considered sufficient enough to restrain much of
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the pile rotation at the pile cap, a perfectly rigid connection was enforced. Because the timber piles
typically had pile embedment depths of only 6 in. (150 mm), which were considered insufficient to
restrain much of the pile rotation at the pile cap, only a pinned type connection was enforced.
To determine the soil resisting force versus pile displacement relationships for the uniaxial
element triads, p-y, t-z, and q-z soil curves were first developed. The p-y curves represent the
lateral force versus displacement relationship between the pile and surrounding soil, the t-z curves
represent the pile skin frictional/adhesive force versus displacement relationship between the pile
and surrounding soil, and the q-z curves represent the pile tip bearing force versus displacement
relationship between the end of the pile and surrounding soil. Many researchers have investigated
the response of piles to various types of loadings and have proposed a number of procedures for
determining these relationships. For this study, the procedures outlined by the American Petroleum
Institute (API) were used [37].
The API recommendations give standard lateral force versus displacement (p-y) curves for both
clays and sands. Figure 3.13 illustrates their general shape. Note that the ABAQUS material model
associated with the elements representing this behavior utilized an isotropic hardening rule [33].
There are two curves for clays, one for clays that lie near the surface (in the so-called reduced
resistance zone), and one for clays that lie deeper (below the reduced resistance zone). These curves
are expressed as normalized displacements (y/yc) versus normalized pile resistances (p/pu). Here y
is the local pile lateral displacement, yc is the lateral displacement capacity (= 2.5cDpile, where c
is the strain at which one-half the maximum stress occurs on laboratory undrained compression tests
of undisturbed soil samples, and Dpile is the pile diameter (round pile cross-sections are assumed)),
p is the actual lateral resistance in stress units, and pu is the ultimate lateral pile resistance in stress
units. There is just one curve for sands; it is represented mathematically by an equation.
The ultimate lateral pile resistance (pu) for clays, according to the API methodology, is given
by:
pu = 3c+ γXd +
JcXd
Dpile
when Xd < XR
pu = 9c when Xd ≥ XR
(3.19)
where c is the undrained shear strength, Dpile is the pile diameter (round pile cross-sections are
assumed), γ is the effective unit weight of the soil, J is a dimensionless empirical constant ranging
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(a) Clays in Reduced Resistance Zone (b) Clays Below Reduced Resistance Zone
(c) Sands
Figure 3.13: Typical API Lateral Force Versus Pile Displacement (p-y) Curves
from 0.25 to 0.5, Xd is the depth below the soil surface, and XR is the depth below the soil surface
where the transition from the reduced resistance zone to the unreduced resistance zone occurs (=
6Dpile
γDpile/c+J
). Undrained shear strengths (c), unit weights (γ), and depths below soil surface (Xd)
were determined from soil boring data. A value of 0.375 was assumed for J (the midpoint of the
0.25 and 0.5 range given by the API). For non-round piles, an equivalent pile diameter was assumed.
The API presents the p-y relationship for sands mathematically, as follows:
p = Apu tanh
[
kXy
Apu
]
(3.20)
where A is a factor that accounts for cyclic or static loading (assumed to be 0.9, which represents
cyclic loading, in all cases), Xd is the depth below the soil surface, pu is the ultimate lateral resis-
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tance at depth Xd, k is the initial modulus of subgrade reaction based on soil density (and given
in the API recommendations), and y is the lateral pile displacement. The ultimate bearing capacity
(pu) is given by the minimum of the following two equations:
pu = (C1Xd + C2Dpile)γ′Xd
pu = C3Dpileγ′Xd
(3.21)
where γ′ is the effective soil weight at the depth of interest, and C1, C2, and C3 are coefficients
(given in the API recommendations) that are correlated with the soil’s angle of internal friction
(φ′). All other parameters are as defined above. Effective soil weights (γ′), depth below the soil
surface (Xd), and angles of internal friction (φ′) were determined from soil boring data. The three
coefficients (C1, C2, and C3) were determined using the derived angles of internal friction. For
non-round piles, an equivalent pile diameter was assumed.
The API recommendations give standard adhesive/frictional force versus longitudinal displace-
ment (t-z) curves for both clays and sands. Figure 3.14 illustrates their general shape. Note that
the ABAQUS material model associated with the elements representing this behavior utilized an
isotropic hardening rule [33]. They are expressed as normalized displacements (z/Dpile) versus
normalized pile adhesions (t/tu) for clays, and as displacements (z) versus normalized pile skin
frictions (t/tu) for sands. Here z is the local pile displacement (in the direction of the pile axis),
Dpile is the pile diameter (round pile cross-sections are assumed), t is the mobilized soil-pile ad-
hesion/skin friction in stress untis, and tu is the ultimate soil-pile adhesion/skin friction in stress
units.
The API outlines methods for determining the ultimate soil adhesion (tu) for both clays and
sands. For clays, the ultimate soil adhesion is given by:
tu = αc (3.22)
where c is the undrained shear strength of the soil at the point in question, and α is a dimensionless
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(a) Clays (b) Sands
Figure 3.14: Typical API Adhesive/Frictional Force Versus Longitudinal Pile Displacement (t-z)
Curves
factor given by the following:
α = 0.5Ψ−0.5 for Ψ ≤ 1.0
α = 0.5Ψ−0.25 for Ψ > 1.0
(3.23)
Here α is limited to be less than or equal to one, and Ψ is given by:
Ψ =
c
p′0
(3.24)
where p′0 is the effective overburden pressure at the point in question. Undrained shear strengths (c)
and effective overburden pressures (p′0) were determined from soil boring data. For non-round piles
an equivalent pile diameter was assumed.
The ultimate skin friction (tu) for sands, according to the API, is given by:
tu = Kp′0 tan δ (3.25)
where K is a dimensionless coefficient of lateral earth pressure (or ratio of horizontal to vertical
normal effective stress), p′0 is the effective overburden pressure at the point in question, and δ is
the friction angle between the soil and pile. A K of 1.0 was assumed, which represents plugged
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Figure 3.15: Typical API End Bearing Force Versus Longitudinal Pile Tip Displacement (q-z) Curve
or closed end piles. Friction angles (δ), and effective overburden pressures (p′0), were determined
from soil boring data.
The API recommendations give a standard end bearing force versus longitudinal tip displace-
ment (q-z) curve for all soil types. Figure 3.15 illustrates its general shape. Note that the ABAQUS
material model associated with the elements representing this behavior utilized an isotropic hard-
ening rule [33]. It is expressed as normalized displacements (z/Dpile) versus normalized pile tip
forces (q/qu). Here z is the local pile tip displacement (in the direction of the pile axis), Dpile is the
pile diameter (round pile cross-sections are assumed), q is the mobilized end bearing force, and qu
is the ultimate end bearing force.
The ultimate end bearing force (qu) for clays, according to the API, is given by:
qu = 9c (3.26)
where c is the undrained shear strength of the soil. Undrained shear strengths (c) were determined
from soil boring data.
The ultimate end bearing force (qu) for sands, according to the API, is given by:
qu = p′0Nq (3.27)
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where p′0 is the effective overburden pressure at the pile tip, and Nq is a dimensionless bearing
capacity factor given in the API recommendations and correlated with soil density. Effective over-
burden pressures (p′0) were determined from soil boring data. Bearing capacity factors (Nq) were
determined using soil densities and friction angles gleaned from soil boring data.
Typically, a BNWF model incorporates elements to represent the far-field soil effects. These
elements were not included here. This is because Kornkasem found that far-field effects had only a
minor impact on bridge response for typical earthquake frequency contents and non-stiff soils [41].
In addition, modifications to the soil force versus displacement curves to account for group effects
were not made. This is because recommendations by the ATC state that pile group effects are small
(on the order of 20%) for modest pile groups that have center-to-center pile spacings of three pile
diameters, and also for non-stiff soils; furthermore, during cyclic loading these group effects are
reduced.
Finally, in addition to the BNWF model just described, additional elastic perfectly plastic uni-
axial force elements were distributed along the edges of the pile cap shell elements. These elements
were included to represent the resistance to lateral motion that is offered by the soil surrounding
the lower portion of the wall and the pile cap. Each pile cap encountered in the random sample
was buried beneath the finish soil grade. This soil would provide some resistance to lateral motion
of the wall. Using basic passive earth pressure equations, the resistance offered by this soil was
calculated, and material constitutive model parameters determined for the uniaxial force elements
representing this soil. In the case of the footing supported bridges, the ultimate capacity of these
elements was increased to account for the resistance to sliding offered by the soil below the footing.
In the pile supported structures, this resistance was neglected.
Spread Footing Model
To model the spread footing supported foundation systems, nonlinear ABAQUS spring elements
were used. In this model the supporting soil is represented using nonlinear elastic spring (SPRING2)
elements that have high stiffness for movement of the foundation into the supporting soil, and very
low stiffness for movement of the footing away from the supporting soil [33]. Because all of the
footing supported structures encountered in the random wall pier sample were founded on stiff rock
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Figure 3.16: Footing Foundation Spring Element Response Characteristics
or soil, it was assumed that the supporting soil would act rigidly, and an arbitrarily high spring
element stiffness was selected to represent this behavior. Figure 3.16 illustrates the behavior of
these spring elements.
This model represents only the component of resistance acting normal to the underside of the
footing. Frictional resistance between the footing and supporting soil was not accounted for. Rather,
as was discussed for the pile foundation model above, additional elastic perfectly plastic uniaxial
force elements were distributed along the edges of the pile cap shell elements. These elements
were included to represent the resistance to lateral motion that is offered by the soil surrounding the
lower portion of the wall and the pile cap. In the case of the footing supported bridges, the ultimate
capacity of these elements was increased to account for the resistance to sliding offered by the soil
below the footing.
3.8 Material Models
Each of the above described wall pier bridge component models requires that material constitu-
tive relationships be associated with the elements that make up the model. Some of the associated
constitutive relationships do not represent actual materials, but have response characteristics de-
fined to ensure that the component model’s response accurately represents the true behavior of that
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component to loading/displacements. When models utilizing such constitutive relationships were
presented in the above discussion, general information about their behavior was given. The other
constitutive relationships represent actual materials. These materials are concrete, steel, wood, and
a specially defined material used to represent the CFSP piles. These material constitutive models
will be discussed next.
3.8.1 Concrete
Concrete materials were used throughout each wall pier bridge structure, including in the abutments,
superstructure, piers, and piles. To represent this material, several constitutive relationships were
employed. These included linear elastic models, with and without a reduced modulus, and smeared
cracking concrete models, with and without a reduced modulus [33].
There were two variants of the linear elastic model utilized. The first, used to represent the
concrete in the superstructure deck, had an unreduced concrete modulus of 3750 ksi (25,900 MPa),
based on the American Concrete Institute (ACI) 318-02 modulus of elasticity equation:
E = 1800
√
f ′c ksi
E = 4760
√
f ′c MPa
(3.28)
where f ′c is the concrete compressive strength in ksi or MPa [3]. The second, used to represent a
large portion of the concrete in the pier wall and footing/pile cap, had a reduced modulus (80%
of the unreduced modulus) of 3000 ksi (20,700 MPa). The modulus for this material was reduced
to account for a reduction in material stiffness due to a few preexisting cacks. This model was
only used in areas where concrete strains were expected to be moderate. Table 3.1 gives additional
information about these linear elastic concrete material models.
For the nonlinear concrete representations, the smeared cracking concrete constitutive model
was used [33]. In the smeared cracking model, the tensile and compressive responses of concrete
are treated separately. In tension, the concrete is assumed to act linearly until a specified stress limit
is reached, at which point the model assumes the material has cracked. The post-cracking response
includes “tension stiffening” to capture the average interaction of steel and concrete across cracks.
In compression, the concrete material acts in a nonlinear manner; however, degradation of the
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Material Modulus (E) Yield Stress (fy) Ult. Stress (fu) Damping Hardening
Concrete
Linear Elastic 3750 ksi(25,900 MPa) N/A N/A 5% N/A
Red. Mod. Linear Elastic 3000 ksi(20,700 MPa) N/A N/A 10% N/A
Smeared Cracking 3750 ksi(25,900 MPa)
0.3/1.9 ksi
(2/13 MPa)
(Ten./Comp.)
0.3/4.7 ksi
(2/32 MPa)
(Ten./Comp.)
5% N/A
Red. Mod. Smeared Cracking 750 ksi(5200 MPa)
0.3/1.9 ksi
(2/13 MPa)
(Ten./Comp.)
0.3/4.7 ksi
(2/32 MPa)
(Ten./Comp.)
20% N/A
Steel
Linear Elastic 29,000 ksi(200,000 MPa) N/A N/A 2% N/A
Elastic-Plastic 29,000 ksi(200,000 MPa)
47 ksi
(325 MPa)
65 ksi
(450 MPa) 2% Isotropic
Red. Mod. Elastic-Plastic 5800 ksi(40,000 MPa)
47 ksi
(325 MPa)
65 ksi
(450 MPa) 2% Isotropic
Wood
Elastic-Plastic 1500 ksi(10,300 MPa)
3.6 ksi
(25 MPa)
3.6 ksi
(25 MPa) 0% Isotropic
CFSP Pile Material
Elastic-Plastic 52900 ksi(365,000 MPa)
50 ksi
345 MPa)
50 ksi
(345 MPa) 5% Perfect
Table 3.1: Material Constitutive Model Parameters
unloading elastic stiffness as the compressive strain magnitude increases is not accounted for in the
model. Figure 3.17 illustrates the uniaxial response characteristics of this model.
There were two variants of the smeared cracking concrete model utilized. The first, used in
portions of the pier wall and footing/pile cap, had an unreduced modulus of 3750 ksi (25,900 MPa),
a tensile yield strength of about 300 psi (2000 kPa), a compressive yield strength of 1.9 ksi (13
MPa), and a compressive ultimate strength of 4.7 ksi (32 MPa). The compressive strength value
represents an average compressive strength for a concrete that has a specified strength of 3.5 ksi
(24 MPa). This average strength was determined by adding 1.2 ksi (8 MPa) to the specified value,
per ACI 318-02 [3]. The second model, used in only the lower-most portion of the pier walls,
had a significantly reduced modulus (20% that of the unreduced modulus) to capture the effects of
reinforcing steel lap splice degradation and bond slip in that region. The amount of reduction in the
modulus was based on correlations between several out-of-plane scale wall tests by Haroun et al.
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(a) Compression (b) Tension
Figure 3.17: ABAQUS Smeared Cracking Concrete Constitutive Model Uniaxial Response Char-
acteristics
and Abo-Shadi et al. and numerical models built to represent these tests [1, 32]. The constitutive
model employed a modulus of 750 ksi (5200 MPa), but retained strength parameters indentical to
those of the unreduced modulus model. Table 3.1 gives additional information about these smeared
cracking concrete material models.
3.8.2 Steel
Steel materials were used throughout each wall pier bridge structure, including in the superstructure,
piers, and piles. To represent this material, several constitutive relationships were employed. These
include linear elastic and nonlinear elastic-plastic models [33].
The linear elastic model was used to represent the steel beams in the composite concrete and
steel beam superstructure. The material model employed a standard steel modulus of 29,000 ksi
(200,000 MPa). Table 3.1 gives additional information about this linear elastic steel material model.
For the nonlinear steel representations the classical metal plasticity model was employed [33].
In this model, the steel behavior is assumed to be linear elastic up to the yield stress (defined by
either the von Mises or Hill yield surfaces), at which point the material flows plastically. Perfect
plasticity, isotropic hardening, or linear kinematic hardening can be defined for the plastic portion
of the material behavior. Figure 3.18 illustrates the uniaxial response characteristics of this model.
There were two variants of the classical metal plasticity model utilized. The first, used to repre-
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Figure 3.18: ABAQUS Classical Metal Plasticity Constitutive Model Uniaxial Response Charac-
teristics
sent the steel piles and reinforcing steel throughout most of the wall, employed a modulus of 29,000
ksi, (200,000 MPa), a yield stress of 47 ksi (325 MPa), an ultimate stress of 65 ksi (450 MPa), and
an isotropic hardening rule. The yield and ultimate stresses were based on test data for Grade 40
(English units) steel. The second, used to represent the steel in the lower-most portion of the pier
wall, had a significantly reduced modulus (20% of the unreduced modulus) to capture the effects
of reinforcing steel lap splice degradation and bond slip in that region. The amount of reduction in
the modulus was based on correlations between several out-of-plane scale wall tests by Haroun et
al. and Abo-Shadi et al. and numerical models built to represent these tests [1, 32]. The constitutive
model employed a modulus of 5800 ksi (40,000 MPa), but retained strength parameters identical to
those of the unreduced modulus model. Table 3.1 gives additional information about these classical
metal plasticity steel material models.
3.8.3 Wood
Wood materials were used only in the piles of the timber pile supported bridges. The constitutive
relationship utilized to represent this material was based on the classical metal plasticity model pre-
sented above [33]. The behavior is linear elastic up until the yield stress, at which point the material
capacity drops dramatically. Figure 3.19, which shows the uniaxial response characteristics of the
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Figure 3.19: Wood Constitutive Model Uniaxial Response Characteristics
model, illustrates this. This post-yield stress drop in material strength was intended to represent
the brittle behavior of the wood. The constitutive model employed a modulus of 1500 ksi (10,300
MPa), yield/ultimate stress of 3.6 ksi (25 MPa), and an isotropic hardening rule. The modulus and
yield/ultimate strength were based on modulus and allowable bending and compression parallel
to grain stress values (and appropriate ASD adjustment factors) for southern pine lumber listed in
the American Wood Council (AWC) National Design Specification [6]. Table 3.1 gives additional
information about this wood material model.
3.8.4 CFSP Pile Material
The CFSP piles are composed of a steel outer shell (typically a round pipe) that is then filled with
concrete. Instead of creating a CFSP pile model in which each of these components were modeled
separately, a model employing only a single round hollow pipe section with an associated material
model was used. The material model parameters were selected such that the resulting behavior of
the section would replicate that of an actual concrete filled pipe subjected to combined bending
and compressive axial loads. The constitutive relationship used was based on the classical metal
plasticity model presented above [33]. The behavior was elastic perfectly plastic. Figure 3.20,
which shows the uniaxial response characteristics of the model, illustrates this. The constitutive
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Figure 3.20: CFSP Pile Material Constitutive Model Uniaxial Response Characteristics
model employed a modulus of 52,900 ksi (365,000 MPa) and a yield/ultimate stress of 50 ksi (345
MPa). Table 3.1 gives additional information about this CFSP pile material model.
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Chapter 4
Bridge Component Failure Limit States
4.1 Introduction
Before performing either the pushover or dynamic fragility analyses, failure limit states were de-
fined for each of the major bridge components. These limit states provided the means by which
“failures” were identified in these analyses. For the pushover analyses, the failure limit state capac-
ities were used directly. For example, if the in-plane force experienced by a pier wall at any point
in a pushover analysis exceeded the pier wall shear failure limit state capacity, then that failure
was deemed to have occurred. For the dynamic fragility analyses, the failure limit state capacities
provided the basis upon which component damage level capacities were defined. This process is
discussed in more detail in Chapter 7; however, to illustrate, consider again the pier wall shear
failure limit state capacity. This capacity is defined to represent the in-plane force at which shear
failure of the wall is expected. Based on this capacity, it would not be unreasonable to assume that
the pier wall would certainly experience some damage, in the form of concrete cracking, at a load
that is only about 75% of this value. Therefore, for the fragility analyses, if a pier wall experienced
an in-plane shear load greater than 75% of the pier wall shear failure limit state capacity, then that
wall pier was deemed to have experienced slight/minor damage.
The wall pier supported bridge component failure limit states were organized into the following
failure categories: bearing/seat failures, wall pier failures, footing/pile cap failures, pile failures,
and abutment/embankment failures. The failure limit states in each category will be discussed next.
4.2 Bearing/Seat Failures
The bearing/seat failures group incorporates failure limit states for the pier and abutment bearings,
as well as for the pier and abutment seats. These failure limit states are based on both strength
and displacement criteria. For steel bearings, the failure limit states are based mostly on strength
criteria, although at least one is displacement based. For elastomeric bearings, the failure limit states
are based entirely on displacement criteria. Finally, the seat failure limit states are based exclusively
80
on displacement criteria.
4.2.1 Steel Bearing Failure Criteria
Mander et al. tested a number of steel bearings retrieved from several bridges located in the eastern
United States [44]. Several types of failure modes were observed. Since the bearings tested differ
somewhat from those found in southern Illinois, only some of the observed failure modes are ap-
plicable. These failure modes are anchor bolt shear failure, pintle shear failure, anchor bolt failure
due to the combined actions of prying (tension) and shear, and toppling; however, not every failure
mode is applicable to every southern Illinois steel bearing type.
Low Steel Bearings
Anchor bolt shear and pintle shear are the applicable low steel bearing failure limit states. Both
apply to loading of the bearing in the longitudinal (along the span of the superstructure) and trans-
verse (or perpendicular to the span of the superstructure) directions. Equations 3.9 and 3.10 (given
earlier in Section 3.4.3) were used to determine these failure limit state capacities. In addition,
the bearing material and geometric characteristics outlined in Section 3.4.3 were assumed. Based
on this, the low steel bearing failure limit state capacities for longitudinal (LSllsb) and transverse
(LStlsb) loading were expressed as:
LSllsb = min[Equations 3.9 and 3.10]
LStlsb = min[Equations 3.9 and 3.10]
(4.1)
where min[ ] indicates that the smallest capacity resulting from the listed equations was selected.
Furthermore, low steel bearing failure was said to occur when either of the two following conditions
were met:
F lbearing ≥ LSllsb
F tbearing ≥ LStlsb
(4.2)
where F lbearing and F tbearing are the actual longitudinal and transverse shear forces transferred
through the bearing, respectively.
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High Steel Bolster (Fixed) Bearings
Anchor bolt shear, pintle shear, and anchor bolt failure due to the combined actions of prying
(tension) and shear are the applicable high steel bolster (fixed) bearing failure limit states. All apply
to loading of the bearing in the longitudinal and transverse directions. Equations 3.9 and 3.10 (given
earlier in Section 3.4.3) were used to determine the anchor bolt shear failure and pintle shear failure
limit state capacities, respectively. Equations 3.11 through 3.13 (given earlier in Section 3.4.3)
were used to determine the anchor bolt failure due to the combined actions of prying (tension) and
shear limit state capacity for loading of the bearing in the longitudinal direction. Equation 3.15
(given earlier in Section 3.4.3) was used to determine this capacity for loading of the bearing in
the transverse direction. In addition, the bearing material and geometric characteristics outlined in
Section 3.4.3 were assumed. Based on this, the high steel bolster (fixed) bearing failure limit state
capacities for longitudinal (LSlhsbb) and transverse (LSthsbb) loading were expressed as follows:
LSlhsbb = min[Equations 3.9, 3.10, and 3.11 through 3.13]
LSthsbb = min[Equations 3.9, 3.10, and 3.15]
(4.3)
Furthermore, high steel bolster (fixed) bearing failure was said to occur when either of the two
following conditions were met:
F lbearing ≥ LSlhsbb
F tbearing ≥ LSthsbb
(4.4)
where F lbearing and F tbearing are the actual longitudinal and transverse shear forces transferred
through the bearing, respectively.
High Steel Rocker (Roller) Bearings
Anchor bolt shear, pintle shear, and toppling are the applicable high steel rocker (roller) bearing
failure limit states. Only toppling applies to the loading of the bearing in the longitudinal direction.
All apply to loading of the bearing in the transverse direction. Equations 3.9 and 3.10 (given earlier
in Section 3.4.3) were used to determine the anchor bolt shear failure and pintle shear failure limit
state capacities, respectively, for loading of the bearing in the transverse direction. Equation 3.18
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(given earlier in Section 3.4.3) was used to determine the toppling failure limit state capacity for
loading of the bearing in the transverse direction. In addition, the bearing material and geometric
characteristics outlined in Section 3.4.3 were assumed.
For high steel rocker (roller) bearings, toppling is a potential failure mode when the bearing
is loaded longitudinally. Toppling occurs when the displacement of the bearing (or rotation of the
rocker) exceeds the point at which the vertical load on the bearing can no longer be transferred
through the bearing without the rocker becoming unstable (and toppling over). This failure mode is
a function of bearing geometry. For a bearing rocker width of 8 in. (200 mm), a longitudinal differ-
ential bearing displacement exceeding 4 in. (100 mm) would result in a toppling failure, therefore
4 in. (100 mm) was taken as the limiting displacement.
Based on the above, the high steel rocker (roller) bearing failure limit state capacities for longi-
tudinal (LSlhsrb) and transverse (LSthsrb) loading were expressed as follows:
LSlhsrb = 4 in. (100 mm)
LSthsrb = min[Equations 3.9, 3.10, and 3.18]
(4.5)
Furthermore, high steel rocker (roller) bearing failure was said to occur when either of the two
following conditions were met:
∆lbearing ≥ LSlhsrb
F tbearing ≥ LSthsrb
(4.6)
where ∆lbearing is the longitudinal differential displacement between the top and bottom of the
bearing, and F tbearing is the transverse shear force transferred through the bearing.
4.2.2 Elastomeric Bearing Failure Criteria
Much research has been done on the load resistance characteristics of elastomeric bearings. How-
ever, no explicit failure criteria (displacement or force based) for elastomeric bearings were identi-
fied. Rather, failure criteria based on the “engineering judgment” of this author were used.
Type I Elastomeric Bearings
Force-displacement tests of typical elastomeric bearings, similar to Illinois Type I bearings, indi-
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cate that elastomeric bearings are capable of undergoing significant shear displacements while only
suffering some degradation of the bond between the embedded steel plates and surrounding elas-
tomer, and damage to the elastomer itself. Therefore, even under extreme shear displacements these
bearings may not be rendered incapable of carrying the vertical load from the superstructure. When
considered with the fact that their very small elastomer height to width/length ratios essentially
eliminate overturning instabilities of the bearing, the only significant failure mode is differential
displacements large enough to cause unseating of the supported superstructure steel beam from off
of the elastomeric bearing. This can occur when the elastomeric bearing experiences enough degra-
dation that the upper and lower portions of the bearing become detached from each other and the
differential displacement between the two exceeds the width/length of the bearing resulting in the
upper portion becoming unseated from the lower (and in turn resulting in a vertical misalignment of
the road surface). Therefore, for Type I elastomeric bearings, failure was deemed to have occurred
when the differential displacement between the superstructure beam (attached to the top of the bear-
ing) and the pier or abutment (attached to the bottom of the bearing) in either the longitudinal of
transverse directions exceeded the bearing’s elastomer width or length, respectively. Based on this,
and the assumed elastomeric bearing geometric characteristics outlined in section 3.4.3, the Type I
elastomeric bearing failure limit state capacities for longitudinal (LSltIeb) and transverse (LSttIeb)
loading were expressed as follows:
LSltIeb = 9 in. (230 mm)
LSttIeb = 12 in. (300 mm)
(4.7)
Furthermore, Type I elastomeric bearing failure was said to occur when either of the two following
conditions were met:
∆lbearing ≥ LSltIeb
∆tbearing ≥ LSttIeb
(4.8)
where ∆lbearing and ∆tbearing are the longitudinal and transverse differential displacements, respec-
tively, between the top and bottom of the bearing.
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Type II Elastomeric Bearings
Type II elastomeric bearings employ a low friction TFE mating surface between the top and bottom
portions of the bearing. This results in reduced shear force being transferred through the bearing
(instead, the top portion of the bearing slips over the bottom portion, along this TFE interface).
Because very little shear force was expected to be transferred to the elastomer pad in this type of
bearing, a failure limit state based on the performance of the elastomer was deemed inappropriate.
Instead, as was the case for a Type I bearing, unseating of the superstructure steel beam from on
the bearing was considered the most significant failure mode. Therefore, for Type II elastomeric
bearings, failure was deemed to have occurred when the differential displacement between the su-
perstructure beam (attached to the top of the bearing) and the pier or abutment (attached to the
bottom of the bearing) in either the longitudinal of transverse directions exceeded the bearing’s
elastomer width or length, respectively. Based on this, and the assumed elastomeric bearing geo-
metric characteristics outlined in section 3.4.3, the Type II elastomeric bearing failure limit state
capacities for longitudinal (LSltIIeb) and transverse (LSttIIeb) loading are identical to those for the
Type I bearings, and were expressed as:
LSltIIeb = 9 in. (230 mm)
LSttIIeb = 12 in. (300 mm)
(4.9)
Furthermore, Type II elastomeric bearing failure was said to occur when either of the two following
conditions were met:
∆lbearing ≥ LSltIIeb
∆tbearing ≥ LSttIIeb
(4.10)
where ∆lbearing and ∆tbearing are the longitudinal and transverse differential displacements, respec-
tively, between the top and bottom of the bearing.
Keeper Plate
Each elastomeric bearing was assumed to be accompanied by two bearing keeper plates (one on
either side) that restrict transverse (to the span direction) movement of the bearing. Although these
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keeper plates were included in the analytical models, and they have an associated ultimate strength,
no limit state was associated with their failure. It was felt that the failure of these elements did not
represent any appreciable reduction in the capacity of the structure, and that for this reason a limit
state capacity need not be defined for their failure.
4.2.3 Pier and Abutment Seat Failure Criteria
Bearing failure can lead to loss of seat and potentially to partial or total collapse of a bridge super-
structure. The determination of the loss of seat was based entirely on longitudinal and transverse
differential displacements between the superstructure and either the wall pier or the abutment. Once
any of these displacements had exceeded the available seat distance, this failure was deemed to have
occurred. Based on this (and assumed abutment and pier seat lengths), the pier and abutment seat
failure limit state capacities for displacement in the longitudinal and transverse directions were
expressed as:
LSlps = 15 in. (380 mm)
LStps = 15 in. (380 mm)
LSlas = 26 in. (660 mm)
LStas = 24 in. (610 mm)
(4.11)
where LSlps and LStps are equal to the pier seat longitudinal and transverse limit state capacities,
respectively, and LSlas and LStas are equal to the abutment seat longitudinal and transverse limit
state capacities, respectively. Furthermore, pier seat, and abutment seat, failures were said to occur
when either of the first two, and either of the second two, of the following conditions were met,
respectively:
∆lbearing ≥ LSlps
∆tbearing ≥ LStps
∆lbearing ≥ LSlas
∆tbearing ≥ LStas
(4.12)
where ∆lbearing and ∆tbearing are the longitudinal and transverse differential displacements, respec-
tively, between the top and bottom of the bearing.
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4.3 Wall Pier Failures
The wall pier failures group incorporates failure limit states for the wall pier. These failure limit
states can be grouped into several categories – wall ductility failures, wall strength failures, and wall
material failures. Each of these failure measures are based on different wall response parameters.
The wall ductility failure limit states are based on in-plane and out-of-plane ductilities, the wall
strength failure limit states are based on in-plane and out-of-plane strengths, and the wall material
failure limit states are based on concrete and reinforcing steel strains.
4.3.1 Wall Ductility Failure Criteria
In-Plane Loading
Several laboratory tests have been undertaken to investigate the cyclic lateral load behavior of wall
type bridge piers subjected to in-plane loading. Experiments carried out at the University of Cali-
fornia at Irvine included a one-third scale wall pier specimen loaded in its strong direction [32]. The
specimen had a vertical steel reinforcing ratio of 0.6%, and there was a lap splice located between
the footing and the wall (with an l/db ratio of 16). This is in comparison to the sampled wall pier
bridges that had an average vertical reinforcing steel ratio of about 0.25% and an average l/db ratio
of about 41 (the smallest l/db ratio was 21). It was reported that significant uplift of the wall from
the footing (at the wall-footing interface) was observed, with sliding of the wall occurring, due to
lap splice failure, after a top-of-wall displacement of approximately 0.15 in. (3.8 mm) (approxi-
mately the yield displacement). At a displacement ductility (µd) of about 3.4, the wall capacity
began to drop, and at a displacement ductility of about 5, shear cracks oriented at 45 degrees were
observed, and a “typical shear failure” occurred.
Based on the results of this test, the in-plane pier wall extensive (LSiwd−e) and complete (LSiwd−c)
ductility failure limit state capacities were expressed as follows:
LSiwd−e = µd of 3.4
LSiwd−c = µd of 5
(4.13)
Furthermore, in-plane pier wall ductility failures resulting in loss of wall load capacity (extensive),
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and total failure (complete) were said to occur when the first, and second, of the following conditions
were met, respectively:
µiwall ≥ LSiwd−e
µiwall ≥ LSiwd−c
(4.14)
where µiwall is the in-plane pier wall displacement ductility.
Out-of-Plane Loading
Out-of-plane load tests for wall type bridge piers have been carried out by several researchers [1,
32]. The first set of experiments, carried out at the University of California at Irvine, included seven
half-scale specimens, with vertical reinforcement ratios of 0.6% and lap splices located between the
footing and the wall, with l/db ratios of either 16 or 28. It was reported that, while the specimens
with the shorter lap splice lengths suffered from lap splice failures and subsequent loss in stiffness,
“a minimum ductility factor of 7.5” was achieved for all specimens “with no significant reduction
of the horizontal load capacity”. The second set of experiments, carried out at the University of
Nevada at Reno, included seven half-scale specimens ranging in vertical reinforcing ratio from
0.2% to 3.8%, each containing a lap splice located between the footing and the wall, with an l/db
ratio of 50. The lowest measured displacement ductility, corresponding to an applied post-peak load
of 80% of the ultimate load, was 5.8. The lowest measured displacement ductility, corresponding to
the point of maximum applied load, was 3.3. Again, the above reinforcing steel and l/db ratios are
in comparison to the sampled wall pier bridges that had an average vertical reinforcing steel ratio
of about 0.25% and an average l/db ratio of about 41 (the smallest l/db ratio was 21).
Based on the results of these two sets of experiments, the out-of-plane pier wall extensive
(LSowd−e) and complete (LSowd−c) ductility failure limit state capacities were expressed as follows:
LSowd−e = µd of 3.3
LSowd−c = µd of 6.6 (average of 7.5 and 5.8)
(4.15)
Furthermore, out-of-plane pier wall ductility failures resulting in loss of wall load capacity (exten-
sive), and total failure (complete), were said to occur when the first, and second, of the following
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conditions were met, respectively:
µowall ≥ LSowd−e
µowall ≥ LSowd−c
(4.16)
where µowall is the out-of-plane pier wall displacement ductility.
4.3.2 Wall Strength Failure Criteria
In-Plane Loading
Accurate modeling of the in-plane shear response for reinforced concrete structural walls can be
difficult. Reinforcing ratios, wall dimensions, and material properties all play a crucial role in
whether a structural wall’s strength is limited by in-plane flexure or shear behavior. Failure of a
wall in shear is an extremely important limit state to capture because its occurrence results in a
sudden loss of load carrying capacity. Therefore, in addition to the ductility limit state definitions
given above for in-plane loading, a strength limit state was also defined.
The American Concrete Institute (ACI) Building Code Requirements for Structural Concrete
(ACI 318-02) gives the in-plane shear strength of a wall (Vn) as:
Vn = Vc + Vs ≤ 10
√
f ′chd (4.17)
where Vc is the nominal shear strength provided by the concrete, Vs is the nominal shear strength
provided by the steel reinforcement, f ′c is the concrete compressive strength, h is the wall thickness,
and d is the distance from the extreme compression fiber to the centroid of the tension reinforcement
(taken equal to = 0.8lw unless a larger value of d is determined from strain compatibility analysis,
where lw is the wall length) [3]. The shear strength provided by the concrete (Vc) is given as:
Vc = 3.3
√
f ′chd+
Nud
4lw
(4.18)
where Nu is the axial load occurring simultaneously with pier wall shear force (positive for com-
pression). All other variables are as defined above. The shear strength provided by the steel rein-
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forcement (Vs) is given as:
Vs =
Avfyd
s
(4.19)
where s is the spacing of shear reinforcement,Av is the area of shear reinforcement within a distance
s, and fy is the reinforcing steel yield strength. All other variables are as defined above.
In addition to the ACI 318-02 wall shear strength, the nonlinear concrete sectional response
software Response-2000 was used to calculate in-plane wall shear strengths [11]. Response-2000
was developed at the University of Toronto and is based on the modified compression field theory.
The program is capable of calculating both the sectional strength and ductility of a number of
shapes subjected to the combined forces of shear, bending, and axial loads. In addition, it is capable
of calculating response characteristics for beams and columns, with various end restraints, made
from these cross-sections. These shear strengths were used in conjunction with those calculated by
the ACI equations to define the in-plane pier wall strength failure limit state capacities.
Based on the above, the in-plane pier wall strength failure limit state capacity (LSiws) was
expressed as follows:
LSiws = min[Equation 4.17, Response-2000] (4.20)
In most instances, the Response-2000 capacity was less than that calculated by ACI 318-02; how-
ever, as the wall length increased, the capacities calculated by these two methods became very
similar, with the ACI 318-02 capacity controlling for the longest walls. Furthermore, in-plane wall
pier strength failures were said to occur when the following condition was met:
F iwall ≥ LSiws (4.21)
where F iwall is the in-plane pier wall shear force.
Out-of-Plane Loading
For similar reasons to those discussed above for in-plane loading of a pier wall, a strength limit
state for out-of-plane loading was also defined. In contrast to the in-plane case, the out-of-plane
pier wall capacity was calculated using only the nonlinear concrete sectional response software
Response-2000 [11].
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Based on this, the out-of-plane pier wall strength failure limit state capacity (LSows) was ex-
pressed as:
LSows = Response-2000 (4.22)
Furthermore, out-of-plane wall pier strength failures were said to occur when the following condi-
tion was met:
F owall ≥ LSows (4.23)
where F owall is the out-of-plane pier wall bending force.
4.3.3 Concrete Failure Criteria
There are essentially two concrete material failure limit states that were investigated in the pushover
and fragility analyses conducted in this study. These are cracking of the concrete in tension, and
crushing of the concrete in compression.
Cracking
Cracking was assumed to have occurred when the principal tensile strain in the concrete exceeded
the cracking strain. The cracking strains were determined using Hooke’s law, in conjunction with
the concrete tensile strength and material moduli discussed earlier in Section 3.8.1. Based on this,
the concrete material cracking failure limit state capacities for the reduced modulus linear elastic
(LS0.8Ecrack), and reduced modulus smeared cracking (LS0.2Ecrack), concrete constitutive models were
expressed as follows:
LS0.8Ecrack = 9.2× 10−5
LS0.2Ecrack = 3.7× 10−4
(4.24)
Furthermore, concrete material cracking failures were said to occur for the reduced modulus lin-
ear elastic, and reduced modulus smeared cracking, concrete when the first, and second, of the
following conditions were met, respectively:
0.8Econcrete ≥ LS0.8Ecrack
0.2Econcrete ≥ LS0.2Ecrack
(4.25)
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where 0.8Econcrete and 0.2Econcrete are the maximum principal tensile strains in the reduced modulus linear
elastic, and reduced modulus smeared cracking concrete, respectively.
Crushing
Crushing was assumed to have occurred when the principal compressive strain in the concrete ex-
ceeded the strain corresponding to the ultimate strength of the concrete assuming a linear elastic
material response. The crushing strains were determined using Hooke’s law, and the concrete com-
pressive strength and material moduli discussed earlier in Section 3.8.1. Calculating the strain
associated with the attainment of the ultimate compressive strength assuming the material behaves
linear elastically introduces some error for the nonlinear concrete models; however, this error is
relatively small (about 5% to 20%) and likely of little concern. Based on this, the concrete material
crushing failure limit state capacities for the reduced modulus linear elastic (LS0.8Ecrush), and reduced
modulus smeared cracking (LS0.2Ecrush) concrete constitutive models were expressed as follows:
LS0.8Ecrush = 1.6× 10−3
LS0.2Ecrush = 6.3× 10−3
(4.26)
Furthermore, concrete material crushing failures were said to occur for the reduced modulus lin-
ear elastic, and reduced modulus smeared cracking, concrete when the first, and second, of the
following conditions were met, respectively:
0.8Econcrete ≥ LS0.8Ecrush
0.2Econcrete ≥ LS0.2Ecrush
(4.27)
where 0.8Econcrete and 0.2Econcrete are the maximum principal compressive strain in the reduced modulus
linear elastic, and reduced modulus smeared cracking concrete, respectively.
4.3.4 Steel Failure Criteria
There was only one steel material failure limit state (outside of those already discussed) that was
investigated in the pushover and fragility analyses conducted in this study. This failure limit state is
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yielding of the steel (reinforcing bars or piles) in either compression or tension.
Associated with each of the elastic-plastic steel material models is a theoretical parameter called
the equivalent plastic strain (p). The equivalent plastic strain is a positive non-decreasing scalar
quantity that represents the amount of plastic straining that has occurred in the material. If no plastic
straining has occurred (the material has remained in the elastic domain throughout the loading
history), then p = 0. If plastic straining has occurred, then p ≥ 0. Based on this behavior, the
steel material yield limit state capacity (LSyield) was expressed as:
LSyield = 0 (4.28)
Furthermore, steel yield failures were said to occur when the following condition was met:
psteel ≥ LSyield (4.29)
where psteel is the maximum equivalent plastic strain in the steel.
4.3.5 Lap Splice Failure Criteria
All of the sampled wall pier bridges contained lap splices in their pier wall vertical steel between
the footing/pile cap and the base of the wall. Lap splice performance in older structures is widely
known to be poor for seismic loading. This may also be the case for southern Illinois wall pier
supported bridges. Therefore, a lap splice failure limit state was defined.
A vast amount of research has been undertaken to study lap splice behavior. For use in this
research project, a simple method for determining the force at which a poorly anchored reinforcing
bar will pullout was selected. This method, outlined by Alsiwat and Saatcioglu, calculates the force-
displacement relationship of a reinforcing bar embedded in concrete and subjected to monotonic
loading [2]. Bond slip and bar elongation are both accounted for. The resulting force-displacement
relationship provides a simple means of determining at what load a reinforcing bar will pull out.
The description of the method is somewhat involved. Therefore, the reader is referred to the paper
written by Alsiwat and Saatcioglu for further details [2].
Based on the procedure outlined by Alsiwat and Saatcioglu, the reinforcing steel lap splice
93
failure limit state capacity (LSpullout) was expressed as follows:
LSpullout = Alsiwat and Saatcioglu Pullout Force [2] (4.30)
Furthermore, reinforcing steel lap splice pullout failures were said to occur when the following
condition was met:
Flapsplice ≥ LSpullout (4.31)
where Flapsplice is the tensile force in the lap splice reinforcing steel.
4.4 Footing/Pile Cap Failure
The footing/pile cap failures group incorporates limit states for the wall pier footing/pile cap. These
limit states can be grouped into several categories – footing/pile cap strength failures, footing/pile
cap material failures, and wall overturning failures. The footing/pile cap strength limit states are
based on section bending and shear strengths, the footing/pile cap material failure limit states are
based on concrete and reinforcing steel strains (identical to those described above for the wall pier
concrete and steel materials), and the footing overturning limit state is based on percentage of
footing in contact with soil.
4.4.1 Footing/Pile Cap Strength Failure Criteria
Two footing/pile cap strength limit states were investigated in the pushover and fragility analyses
conducted. These limit states are shear failure and bending failure of the footing/pile cap. Each of
these failures were checked only at specific locations. Figure 4.1 indicates these locations. Each
line in Figure 4.1 represents the location where the outside edge of the pier wall intersects the
footing/pile cap (in an actual footing/pile cap).
Shear
ACI 318-02 outlines equations governing the shear strength of footings/pile caps [3]. Equation
4.17 (outlined earlier in Section 4.3.2), without the restriction that the shear strength be less than
or equal to 10
√
f ′chd, governs the shear strength of the footing/pile cap. However, since none of
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Figure 4.1: Footing/Pile Cap Shear and Bending Strength Check Locations
the footings/pile caps modeled had shear reinforcement, the shear strength was reduced to just the
concrete contribution (Vc). For non-prestressed footings/pile caps subjected to one-way shear and
flexure, ACI 318-02 states that Vc shall be taken as:
Vc = 2
√
f ′cbwd (4.32)
where f ′c is the compressive strength of the concrete, bw is the length of the critical footing/pile cap
shear failure path, and d is the distance from the extreme compression fiber to the centroid of the
tension reinforcement. The above equation was rewritten as follows:
Vc
bw
= 2
√
f ′cd (4.33)
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expressing the footing/pile cap shear strength per unit length of failure path.
Based on the above, the footing/pile cap shear failure limit state capacity per unit length (LSfs)
was expressed as:
LSfs = Equation 4.33 (4.34)
Furthermore, footing/pile cap shear failures were said to occur when the following condition was
met:
F vfooting ≥ LSfs (4.35)
where F vfooting is the footing/pile cap shear force per unit length along the failure paths shown in
Figure 4.1. It should be noted that for the pushover analyses, whenever the above failure condition
was met along any portion of the failure paths shown in Figure 4.1, a footing/pile cap shear failure
was indicated. This definition was modified for the fragility analyses, where the above failure
condition had to be met over a certain percentage of the failure path in Figure 4.1 for a shear failure
to be indicated.
Bending
There were two footing/pile cap bending failure limit states investigated in the pushover and fragility
analyses. These limit states are positive bending failure and negative bending failure of the foot-
ing/pile cap. Here, positive bending refers to loading that results in compressive forces developing
in the top portion of the footing/pile cap, and negative bending refers to loading that results in tensile
forces developing in the top portion of the footing/pile cap.
Based on force equilibrium and strain compatibility, the positive bending capacity (Mpos) per
unit length of a footing/pile cap of rectangular cross-section was given by:
Mpos = Asfy
(
d− a
2
)
(4.36)
where As is the area of reinforcing steel on the tension side of the cross-section, fy is the yield
strength of the steel reinforcement, d is the distance from the extreme compression fiber to the
centroid of tension reinforcement, and a is the depth of the equivalent rectangular stress block. The
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depth of the equivalent rectangular stress block (a) was given by:
a =
Asfy
0.85f ′cb
(4.37)
where f ′c is the concrete compressive strength, and b is the width of the compression face of the
footing/pile cap (taken as unity so that Mpos is per unit length).
For negative bending, because there was no steel reinforcing located in the top half of the
modeled footings/pile caps, the cracking moment (Mcr) was taken as the negative bending failure
limit state capacity. Therefore, the negative bending capacity per unit length (Mneg) was given by:
Mneg = fcrack
(
Ig
yt
)
(4.38)
where fcrack is the tensile cracking strength of the concrete (taken equal to 4
√
f ′c), Ig is the unit
length moment of inertia of the concrete section, and yt is the distance from the centroid of the
section to the extreme tension fiber.
Based on the above, the footing/pile cap bending failure limit state capacities per unit length for
positive (LSfp) and negative (LSfn) bending were expressed as:
LSfp = Equation 4.36
LSfn = Equation 4.38
(4.39)
Furthermore, footing/pile cap bending failures were said to occur for positive, and negative, bending
when the first, and second, conditions were met, respectively:
Mposfooting ≥ LSfp
Mnegfooting ≥ LSfn
(4.40)
where Mposfooting and M
neg
footing are the footing/pile cap positive and negative bending moments, re-
spectively, per unit length along the failure paths shown in Figure 4.1. It should be noted that for the
pushover analyses, when the above failure condition was met along any portion of the failure paths
shown in Figure 4.1, a footing/pile cap bending failure was indicated. This definition was modified
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for the fragility analyses, where the above failure condition had to be met over a certain percentage
of the failure path in Figure 4.1 for a bending failure to be indicated. No interaction between shear
and bending in the footing/pile cap were considered.
4.4.2 Footing/Pile Cap Material Failure Criteria
The footing/pile cap material failure limit state criteria are identical to those outlined earlier in
Sections 4.3.3 and 4.3.4 for concrete and steel materials. Please refer to those sections for further
information about these criteria.
4.4.3 Wall Overturning Failure Criterion
To represent the soil supporting the mat footing bridges, a total of 63 nonlinear elastic ABAQUS
spring elements were used [33]. These spring elements had high stiffness for motion of the footing
into the supporting soil, and low stiffness for motion of the footing away from the soil. To determine
if a wall overturning failure had occurred, the percentage of these elements experiencing forces
indicating uplift were determined. If two-thirds, or more, of the elements were experiencing uplift
loads at any one time, then overturning was deemed to have occurred. This value was chosen based
on the engineering judgment of the author.
Based on this, the wall overturning failure limit state capacity (LSwo) was expressed as:
LSwo =
2
3
Nfse (4.41)
whereNfse is the number of supporting soil footing spring elements. Furthermore, wall overturning
failures were said to occur when the following condition was met:
Nupliftfse ≥ LSwo (4.42)
where Nupliftfse is the number of supporting soil footing spring elements experiencing uplift forces
at any one time.
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4.5 Pile Failures
The pile failures group incorporates limit states for the piles and pile anchorage. These limit states
can be grouped into several categories – pile strength failures, pile anchorage failures, and pile
material failures. The pile strength failure limit states are based on pile section shear forces, the pile
anchorage failure limit states are based on pile tensile and compressive forces at the pile cap, and
pile material failures are based on pile material plastic strains.
4.5.1 Pile Strength Failure Criteria
Only one pile strength failure limit state was investigated in the pushover and fragility analyses
conducted in this study. This failure limit state is shear failure of the pile. There are three major
southern Illinois wall pier supported bridge pile types – CFSP, steel, and timber. Each of these pile
types has a different shear strength criterion.
CFSP Pile
Viest et al. outlined an equation governing the shear strength of a concrete filled steel pipe member
[65]. Based on this equation, the CFSP pile shear strength (Vn) was given by:
Vn = 2vcAcv + 0.3Asvfy (4.43)
where vc is the shear strength of the concrete, Acv is the effective concrete cross-sectional area,
Asv is the gross steel cross-sectional area, and fy is the steel yield stress. The shear strength of the
concrete (vc) was given by:
vc = 2
√
f ′c psi
vc = 5.3
√
f ′c kPa
(4.44)
where f ′c is the concrete compressive strength in psi or kPa. The effective cross-sectional concrete
area (Acv) was given by:
Acv = 0.5Agc (4.45)
where Agc is the gross concrete cross-sectional area.
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Based on this, the CFSP pile shear failure limit state capacity (LSCFSPps ) was expressed as
follows:
LSCFSPps = Equation 4.43 (4.46)
Furthermore, a CFSP pile shear failure was said to occur when the following condition was met:
F vpile ≥ LSCFSPps (4.47)
where F vpile is the maximum section shear force in the pile.
Steel Pile
The American Institute of Steel Construction (AISC) Load and Resistance Factor Design (LRFD)
specifications outline an equation governing the shear strength of an I-shaped pile section loaded in
the plane of its web [4]. Based on this equation, the steel pile shear strength (Vn) was given by:
Vn = 0.6fyAw (4.48)
where fy is the steel yield stress, and Aw is the web area. The web area (Aw) was given by:
Aw = twdw (4.49)
where tw is the web thickness and dw is the section depth. The pile shear strength for loading
perpendicular to the plane of the web was not considered; rather, it was assumed that the shear
strength for loading in the plane of the web controlled.
Based on this, the steel pile shear failure limit state capacity (LSsteelps ) was expressed as follows:
LSsteelps = Equation 4.48 (4.50)
Furthermore, a steel pile shear failure was said to occur when the following condition was met:
F vpile ≥ LSsteelps (4.51)
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where F vpile is the maximum section shear force in the pile.
Timber Pile
Because the timber piles had solid round cross-sections, simple mechanics equations were used to
determine their shear strength capacity. The maximum shear stress (τmax) for a solid round pile
subjected to shear force (V ) is given by:
τmax =
4V
3Apile
(4.52)
where Apile is the cross-sectional area of the pile. This equation can be rearranged, giving the
maximum section shear force the pile can sustain (assuming that pile failure occurs when tmax is
reached anywhere in a pile), as follows:
V =
3Apileτmax
4
(4.53)
Based on this, and an assumed timber pile shear strength (τmax) of 230 psi (1600 kPa) (which
is based on an allowable shear strength of 110 psi (760 kPa) for southern pine wood and an allow-
able stress factor of safety of 2.1), the timber pile shear failure limit state capacity (LStimberps ) was
expressed as follows:
LStimberps = Equation 4.53 (4.54)
Furthermore, a timber pile shear failure was said to occur when the following condition was met:
F vpile ≥ LStimberps (4.55)
where F vpile is the maximum section shear force in the pile.
4.5.2 Pile Anchorage Failure Criteria
Two pile anchorage failure limit states were investigated in the pushover and fragility analyses
conducted in this study. These failure limit states are failure of the pile anchorage in tension, and
failure of the pile at the pile cap in compression.
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Tension
For all three pile types, the tensile capacity of the pile anchorage was calculated by multiplying
the area of the pile/concrete interface by an assumed bond strength of 300 psi (2000 kPa) (which
was the value assumed by Silva and Seible as the bond stress between concrete and steel in the cast
in steel shell (CISS) piles they investigated [60]). This bond strength was used for all pile types
(including timber piles). This can be summarized by:
Tanchorage = Ap−cup−c (4.56)
where Tanchorage is the tensile capacity of the pile anchorage, Ap−c is the area of the pile-concrete
interface, and up−c is the bond strength at the pile-concrete interface.
Based on this, and the pile embedment depths and dimensions outlined earlier in Section 3.7.3,
the pile anchorage tensile failure limit state capacities for the CFSP (LSCFSPpat ), steel (LSsteelpat ), and
timber (LStimberpat ) piles were expressed as follows:
LSCFSPpat = Equation 4.56
LSsteelpat = Equation 4.56
LStimberpat = Equation 4.56
(4.57)
Furthermore, a pile anchorage tensile failure was said to occur for the CFSP, steel, and timber piles
when the first, second, and third of the following conditions was met, respectively:
F patpile ≥ LSCFSPpat
F patpile ≥ LSsteelpat
F patpile ≥ LStimberpat
(4.58)
where F patpile is the tensile force on the pile anchorage.
Compression
For the steel and timber pile types, the compressive capacity of the pile at the pile cap was calculated
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by multiplying the gross cross-sectional area of the pile by the pile material’s yield strength. This
can be summarized by:
Canchorage = Apilefy (4.59)
where Canchorage is the pile compressive capacity at the pile cap, Apile is the gross cross-sectional
area of the pile, and fy is yield strength of the pile material. Due to the complexity of the CFSP
piles, the nonlinear concrete sectional response software Response-2000 was used to calculate their
compression-only pile section capacity.
Based on this, and the pile dimension and material ultimate strengths outlined earlier in Sec-
tion 3.7.3 and 3.8, the pile compressive failure at the pile cap limit state capacity for the CFSP
(LSCFSPpac ), steel (LSsteelpac ), and timber (LStimberpac ) piles was expressed as follows:
LSCFSPpac = Response-2000
LSsteelpac = Equation 4.59
LStimberpac = Equation 4.59
(4.60)
Furthermore, a pile compressive failure at the pile cap was said to occur for the CFSP, steel, and
timber piles when the first, second, and third of the following conditions was met, respectively:
F pacpile ≥ LSCFSPpac
F pacpile ≥ LSsteelpac
F pacpile ≥ LStimberpac
(4.61)
where F pacpile is the compressive force in the pile at the pile cap.
4.5.3 Pile Material Failure Criteria
Only one pile material failure limit state was investigated in the pushover and fragility analyses
conducted in this study – yielding of the pile material. This failure limit state is capable of captur-
ing failures associated with the interaction of the various forces applied to a pile, including those
associated with axial force moment interactions.
Each pile material constitutive constitutive relationship used in this study was built upon the
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ABAQUS classical metal plasticity model [33]. Associated with this model is a theoretical parame-
ter called the equivalent plastic strain (p). The equivalent plastic strain is a positive nondecreasing
scalar quantity that represents the amount of plastic straining that has occurred in the material. If
no plastic straining has occurred (the material has remained in the elastic domain throughout the
loading history) then p = 0. If plastic straining has occurred then p ≥ 0. Based on this behavior,
the CFSP (LSCFSPyield ), steel (LSsteelyield), and timber (LStimberyield ) pile material yield failure limit state
capacities were expressed as follows:
LSCFSPyield = 0
LSsteelyield = 0
LStimberyield = 0
(4.62)
Furthermore, CFSP, steel, and timber pile material yielding failures were said to occur when the
first, second, and third of the following conditions was met, respectively:
pCFSP ≥ LSCFSPyield
psteel ≥ LSsteelyield
ptimber ≥ LStimberyield
(4.63)
where pCFSP , 
p
steel, and 
p
timber are the maximum equivalent plastic material strains in a CFSP,
steel, and timber pile, respectively. This means that failure was assumed to occur when any fiber in
a piles cross-section experienced plastic straining. This could be considered a conservative indicator
of failure, a fact that should be kept in mind in the following discussions.
4.6 Abutment/Embankment Failures
The abutment/embankment failures group incorporates limit states for the abutments. These limit
states are based on differential displacements between the abutment and embankment.
4.6.1 Abutment/Embankment Failure Criteria
Only one abutment/embankment failure limit state was investigated in the pushover and fragility
analyses conducted in this study. This failure limit state is a direct result of the 2 in. (50 mm) limiting
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displacement value given in HAZUS99 [23]. Based on this, the abutment/embankment failure limit
state capacities in the longitudinal (LSlad) and transverse (LStad) directions were expressed as:
LSlad = 2 in. (50 mm)
LStad = 2 in. (50 mm)
(4.64)
Furthermore, abutment/embankment failures were said to occur when either of the following con-
ditions were met:
∆labutment ≥ LSlad
∆tabutment ≥ LStad
(4.65)
where ∆labutment and ∆tabutment are the longitudinal and transverse differential displacements be-
tween the abutment and embankment, respectively.
4.7 Post-Analysis Failure Checks Versus Numerical Model Response
Based on the failure limit state capacities outlined above, post-analysis failure checks were made.
For the pushover analyses, if any of the failure limit state capacities were exceeded during the course
of an analysis, then that failure was deemed to have occurred. Because not all of the component and
material constitutive models employed are nonlinear, and because numerical models do not always
precisely represent the behavior of a component, these post-analysis determinations of failure did
not always correspond with response changes in the model; however, in some instances the failure
indicated post-analysis did correspond to a change in the response behavior of the model. For ex-
ample, when the force transferred through a steel bearing exceeded the bearing limit state capacity,
the component model representing the bearing lost strength in accordance with this failure. In other
instances, the model did demonstrate nonlinear behavior in accordance with a particular failure, but
the point at which that change in response occurred did not correspond precisely with the point at
which it was indicated by the post-analysis failure check. For example, the pier wall out-of-plane
bending strength began to drop as the steel and concrete (represented by their material constitutive
relationships) in portions of the pier wall reached their ultimate strengths; however, the displace-
ment of the pier wall when this drop occurred did not always correspond precisely to that predicted
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by the out-of-plane wall pier ultimate strength ductility failure limit state capacity used to indicate
the occurrence of this failure post-analysis. In other instances, the failure indicated post-analysis
did not correspond to any change in the behavior of the numerical bridge model. For example, when
the longitudinal displacement of a roller bearing exceeded the toppling failure limit state capacity,
there was no change (and could not be any change) in the response of the numerical model.
Table 4.1 summarizes how each post-analysis failure check relates to the response of the analyt-
ical model for each of the component failure limit state. To illustrate, consider the Bending failure
measure in the Wall Pier Failures group (under Wall Strength). The model response to the occur-
rence of this failure is a reduction in the wall strength and/or stiffness. The designation (RNMR) is
listed because the model reduction in wall strength and/or stiffness occurs as a Result of the Non-
linear concrete and/or steel Material Response of the behavior models used to construct the wall
portion of the model. Therefore, the change in model response may not correlate precisely with the
instance of failure indicated by the post-analysis failure check.
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Table 4.1: Failure Measures
Category Affect on Model
Bearing/Seat Failures
Bearing (Steel)
Bolt or Pintle Failure Loss of Bearing Load Capacity
Overturning None
Bearing (Elastomeric)
Exceedance of Displacement Capacity None
Retainer Bracket Failure Decrease in Bearing Load Capacity
Seat
Exceedance of Seat Length None
Wall Pier Failures
Wall Ductility
Strong Direction (Shear) Reduction in Wall Strength/Stiffness (RNMR)
Weak Direction (Bending) Reduction in Wall Strength/Stiffness (RNMR)
Wall Strength
Shear Reduction in Wall Strength/Stiffness (RNMR)
Bending Reduction in Wall Strength/Stiffness (RNMR)
Concrete (Nonlinear)
Cracking Reduction in Concrete Tensile Strength
Crushing Reduction in Concrete Compressive Strength
Concrete (Linear)
Cracking None
Crushing None
Steel (Nonlinear)
Yielding Reduction in Steel Stiffness
Lap Splice
Lap Splice Failure None
Footing/Pile Cap Failures
Concrete (Nonlinear and Linear) SEE ABOVE
Steel (Nonlinear) SEE ABOVE
Footing/Pile Cap
Shear None
Bending (Pushover Analyses) Reduction in Footing/Pile Cap Strength/Stiffness (RNMR)
Bending (Dynamic Analyses) None
Overturning
≤ 1
3
of Footing in Bearing Nonlinear Response of Pier (RNMR)
Pile Failures
Anchorage
Pullout None
Pile
Compression Failure Reduction of Pile Strength
Shear Failure Reduction of Pile Strength (RNMR)
Yielding Reduction in Pile Material Stiffness and/or Strength
Abutment/Embankment Failures
Abutment
Exceedance of Displacement Limit Reduction in Abutment Stiffness (RNMR)
Note: (RNMR) stands for “As a Result of Nonlinear Material Response”.
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Chapter 5
Nonlinear Pushover Analyses
5.1 Pushover Models
A total of 90 wall pier bridge models were created to perform nonlinear pushover analyses, as
described in more detail below. Due to the three-dimensional nature of the bridge models, two
different pushover analyses were performed on each model, namely transverse and longitudinal. A
transverse pushover analysis is one in which a slowly increasing horizontal acceleration is applied
to the bridge superstructure perpendicular to the span of the bridge; a longitudinal pushover analysis
is one in which the acceleration is applied parallel to the span of the bridge. These directions were
chosen because they correspond closely with the predominant vibrational directions of the first
(longitudinal) and second (transverse) modes of the bridges. Eighty-seven of the 90 bridge models
were subjected to both of these pushover analyses. Three of the models were only subjected to
a longitudinal pushover analysis, to avoid duplicating results obtainable from transverse pushover
analyses already performed. Thus, from the 90 models a total of 177 pushover analyses were
performed.
5.1.1 Bridge Model Variations
To account for the variability of the wall pier supported bridges within southern Illinois, models
incorporating both “major” and “minor” variations were produced. “Major” variations included
pier type (hammerhead or regular), number of piers (1, 2, or 3), existence of skew (non-skew or
skew), and foundation support type (steel H-pile, timber pile, CFSP pile, or footing). Figure 5.1
indicates the chosen constructs of these variations. Additional variations were made within each
“major” category (or branch of the tree). These “minor” variations included reinforcing ratios,
bearing types, and wall heights. The various combinations of these “minor” characteristics are
indicated in Figure 5.1 by the numbers at each terminating node in the tree (definitions of these
numerical designations are tabulated below the tree). All other bridge characteristics remained
constant between models. Table 5.1 lists the bridge characteristics used in the models.
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3 Average High Steel Normal
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Figure 5.1: Wall Pier Pushover Models
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Table 5.1: Bridge Model Characteristics
Category Value(s)
General
Pier Type Hammerhead or Regular
Skew Angle 0 Degrees (Non-Skew) or 40 Degrees (Skew)
Foundation
Number of Piles
Footing None
Pile Foundation 21
Number of Battered Piles 14 (Pile Foundation Only)
Battered Pile Slope 6/1 (Rise/Run)
Pile Configuration 3 Rows, Outer Rows ± 3 ft (0.9 m) From Centerline of Wall
Pile Length
CFSP pile 50 ft (15.2 m)
Steel and Timber Piles 30 ft (9.2 m)
Pile Embedment Depth into Pile Cap
CFSP and Steel Piles 12 in. (300 mm)
Timber Piles 6 in. (150 mm)
Footing/Pile Cap
Thickness 2 ft-3 in. (0.7 m)
Width 9 ft-2 in. (2.8 m)
Length
Hammerhead 18 ft-3 in. (5.6 m) [Non-Skew], 23 ft (7.0 m) [Skew]
Regular 42 ft (12.8 m) [Non-Skew], 54 ft-10 in. (16.7 m) [Skew]
Cross-Longitudinal Steel Ratio
Hammerhead 0.06% (Low), 0.70% (High), 0.33% (Average)
Regular 0.06% (Low), 0.30% (High), 0.13% (Average)
Longitudinal Steel Ratio
Hammerhead 0.01% (Low), 0.25% (High), 0.10% (Average)
Regular 0.01% (Low), 0.15% (High), 0.08% (Average)
Reinforcing Steel Location Single Layer, 3 in. (75 mm) From Base of Footing/Pile Cap
Pier Information
Wall Height
Normal 22 ft-9 in. (6.9 m)
Short 7 ft (2.1 m)
Wall Thickness
Hammerhead 3 ft (0.9 m)
Regular 3 ft-4 in. (1.0 m)
Wall Length
Hammerhead 16 ft-9 in. (5.1 m) [Non-Skew], 21 ft-2 in. (6.5 m) [Skew]
Regular 40 ft-7 in. (12.4 m) [Non-Skew], 53 ft-5 in. (16.3 m) [Skew]
Vertical Reinforcing Steel Ratio
Hammerhead 0.13% (Low), 0.35% (High), 0.20% (Average)
Regular 0.13% (Low), 0.35% (High), 0.20% (Average)
Horizontal Reinforcing Steel Ratio
Hammerhead 0.08% (Low), 0.30% (High), 0.15% (Average)
Regular 0.08% (Low), 0.30% (High), 0.15% (Average)
continued on next page
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continued from previous page
Category Value(s)
Superstructure
Width
Hammerhead 32 ft (9.8 m)
Regular 42 ft (12.8 m)
Span Length
2 Span (1 Pier) 100 ft (30.5 m) per Span
3 or 4 Span (2 or 3 Piers) 80 ft (24.4 m) Main Span(s), 60 ft (18.3 m) Side Spans
Number of Expansion Joints 2
Expansion Joint Gap Size 1 1
2
in. (40 mm)
Expansion Joint Locations One at Each Abutment
Abutment/Embankment
Number of Abutment Piles 18
Embankment Height Set Equal to Pier Height
Embankment Crest Width Set Equal to Superstructure Width
Embankment Side Slope 1/3 (Rise/Run)
Material Properties
Steel fy = 47 ksi (325 MPa)
Concrete f ′c = 4.7 ksi (32.5 MPa)
5.1.2 Model Nomenclature
In Figure 5.1, at each level of the tree is listed the bridge model nomenclature used to identify the
analysis model and/or group. For example, the designation H1ST_3 indicates a hammerhead pier
supported bridge (H) with one pier (1) that is skew oriented (S) and supported on timber piles (T).
The trailing three (3) is the model minor variation numerical designator and indicates that the bridge
has average reinforcing steel ratios, high type steel bearings at the pier and abutments, and a normal
wall height.
The same nomenclature is also used to identify groups of bridges. For example, R2 bridges
incorporate all regular pier supported bridges (R) with two piers (2). This group could also be
designated as R2**_*, where * is a “wild-card” place-holder. The trailing *’s will typically be
dropped in cases similar to this, but they are useful when designating groups of analytical models
from different branches of the model tree. For example, H3*T_* (or, alternately, H3*T) can be
used to indicate all hammerhead pier supported bridges with 3 piers and timber pile foundations
(regardless of skew and/or model minor variation). This nomenclature will be used throughout the
remainder of the report.
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Table 5.2: Definitions of Failure Measure Abbreviations
Abbr. Failure Indicated Abbr. Failure Indicated Abbr. Failure Indicated
WD Wall Ductility AS Abutment Seat FS Footing/Pile Cap Shear
WB Wall Bearing AB Abutment Bearing WO Wall Overturning
WS Wall Shear AD Abutment Displacement PY Pile Yield
WBend Wall Bending FCru Footing/Pile Cap Concrete Crushing PP Pile Anchorage Pullout
WCru Wall Concrete Crushing FSY Footing/Pile Cap Steel Yielding PS Pile Shear
WSY Wall Steel Yielding FP Footing/Pile Cap Positive Flexure
APS Pier Seat FN Footing/Pile Cap Negative Flexure
5.2 Pushover Analysis Results
Figures 5.2 and 5.3, 5.4 and 5.5, and 5.6 and 5.7 show typical transverse and longitudinal pushover
curves (for both the non-skew and skew bridges) within the H1, H3, and R2 bridge categories,
respectively. Below each plot, the specific model for which results are presented is given (all models
shown employ steel piles and have a minor variation numerical designation of either 1 or 3). Each
plot shows the total force applied to the structure along with the breakdown of that force into the
portions of load carried by each abutment and pier. Finally, those failures that occurred during the
pushover analysis are indicated at the point on the pushover curve where the failure measure value
was first exceeded. The definitions of the failure measure abbreviations are given in Table 5.2.
For each pushover analysis performed, a list of the failures, arranged in order of occurrence,
was constructed. Each failure was matched with the corresponding force acting on the structure at
the time of its occurrence. This force was calculated by taking the product of the pushover accelera-
tion and the superstructure mass. This force is not exactly equivalent to the Total Force shown
in Figures 5.2 through 5.7 (which was determined by summing reaction forces at the supporting
nodes), because a numerical stabilization scheme, intended to reduce difficulties with finding so-
lutions to problems with instabilities (such as those introduced by the nonlinear concrete material
model), was used. This stabilization scheme works through the addition of volume proportional
viscous damping to the structure (the reader is referred to the ABAQUS user’s manual for a further
discussion of this numerical technique [33]). Because this technique introduces additional resistive
forces into the analytical model that would not exist in reality, the force calculated by the multi-
plication of the applied acceleration and superstructure mass may not represent the true capacity
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(a) H1NS 3
(b) H1SS 3
Figure 5.2: Typical H1 Transverse Pushover Curves
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(a) H1NS 3
(b) H1SS 3
Figure 5.3: Typical H1 Longitudinal Pushover Curves
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(a) H3NS 1
(b) H3SS 1
Figure 5.4: Typical H3 Transverse Pushover Curves
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(a) H3NS 1
(b) H3SS 1
Figure 5.5: Typical H3 Longitudinal Pushover Curves
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(a) R2NS 3
(b) R2SS 3
Figure 5.6: Typical R2 Transverse Pushover Curves
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(a) R2NS 3
(b) R2SS 3
Figure 5.7: Typical R2 Longitudinal Pushover Curves
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of the structure. This force is used here simply to provide the reader with a means to approximate
the amount of separation between two indicated failures (e.g. failure 1 occurs at 100 kips (445 kN),
failure two at 1000 kips (4450 kN), and failure three at 1010 kips (4490 kN), therefore it is clear that
failures two and three occur much later in the failure sequence than failure one). The top plots in
Figures 5.2 and 5.3 demonstrate these “non-decreasing” force curves. As can been seen there, this
force roughly matches the Total Force up until the first major drop in load carrying capacity.
The ranks and corresponding loads for each failure were averaged across various groupings
of models. Table 5.3 presents average transverse and longitudinal failure/load tables for each of
the H1, H3, and R2 categories (major variations). The number given to the right of the failure
abbreviation is the average load at which the associated failure occurs. The superscripted letter next
to some of the failure abbreviations indicates the particular pier that experienced that failure, with
f indicating the fixed bearing pier and r indicating one of the roller bearing piers. Each bridge
has only one pier with fixed bearings. Fixed bearings restrict differential displacement between
the superstructure and the pier in both the longitudinal and transverse directions, whereas roller
bearings restrict transverse (to the span of the superstructure) movement between the superstructure
and pier, but allow for longitudinal movement between the two. For the three pier bridges (H3), the
fixed bearing pier is the central pier. Only those failures preceding a drop in load capacity are listed
in Table 5.3, although all failures occurring during a pushover analysis were used to determine the
averages listed there. Finally, the number of models used to construct each failure/load table is
given to the right of each table heading.
5.3 Discussion of Pushover Results
When investigating all of the pushover results, it becomes apparent that lumping them into one
large category and then trying to draw conclusions would be difficult. Rather, comparisons between
several smaller (yet still largely encompassing) categories are more meaningful and useful. Before
discussing the results in this manner, however, some general comments about the results as a whole
are made.
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Table 5.3: Average Pushover Failure/Load Values
Transverse
H1 H3 R2
Non-Skew
All H1N (16)
AB 1160 kips (5170 kN)
WB 1205 kips (5360 kN)
FS 1985 kips (8825 kN)
All H3N (8)
AB 1065 kips (4740 kN)
WB(r1) 1270 kips (5645 kN)
WB(r2) 1270 kips (5645 kN)
FS(f) 1975 kips (8780 kN)
FN(f) 2180 kips (9690 kN)
WB(f) 1795 kips (7976 kN)
All R2N (13)
AB 1465 kips (6515 kN)
WB(f) 1760 kips (7840 kN)
PY(f) 1965 kips (8740 kN)
WB(r) 2180 kips (9655 kN)
Skew
All H1S (20)
WBend 415 kips (1845 kN)
FS 670 kips (2980 kN)
AB 820 kips (3645 kN)
WSY 1065 kips (4740 kN)
WB 1150 kips (5120 kN)
All H3S (16)
WBend(f) 420 kips (1865 kN)
AB 820 kips (3635 kN)
FS(f) 870 kips (3865 kN)
WSY(f) 895 kips (3985 kN)
WB(r1) 1175 kips (5230 kN)
All R2S (14)
AB 1350 kips (6015 kN)
WB(f) 1780 kips (7905 kN)
Longitudinal
H1 H3 R2
Non-Skew
All H1N (16)
WBend 405 kips (1805 kN)
WSY 1030 kips (4585 kN)
FS 1540 kips (6850 kN)
WD 2965 kips (13180 kN)
WCru 2845 kips (12655 kN)
AD 3075 kips (13675 kN)
AB 3105 kips (13805 kN)
All H3N (8)
WBend(f) 260 kips (1145 kN)
WSY(f) 655 kips (2905 kN)
WD(f) 2315 kips (10300 kN)
FP(f) 1675 kips (7445 kN)
AD 2820 kips (12550 kN)
AB 3005 kips (13365 kN)
All R2N (16)
WBend(f) 3590 kips (15970 kN)
AB 4180 kips (7840 kN)
FP(f) 4040 kips (17970 kN)
WB(r) 4210 kips (18715 kN)
AD 4230 kips (18815 kN)
Skew
All H1S (20)
WBend 325 kips (1450 kN)
FS 545 kips (2420 kN)
WSY 880 kips (3925 kN)
FN 1130 kips (5025 kN)
WB 1150 kips (5110 kN)
AB 1195 kips (5310 kN)
All H3S (16)
WBend(f) 320 kips (1420 kN)
WSY(f) 705 kips (3135 kN)
FS(f) 885 kips (3940 kN)
AB 1200 kips (5340 kN)
All R2S (14)
WB(f) 835 kips (3715 kN)
AB 1085 kips (4820 kN)
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5.3.1 Overall Wall Pier Supported Bridge Vulnerabilities
In general, wall pier supported bridges were most susceptible to footing/pile cap (FS, FP, and
FN), wall (WBend and WD), and bearing (AB and WB) failures. FS and FP failures were perva-
sive, indicated in 50% and 42% of the major categories listed in Table 5.3, respectively. In many
instances, significant portions of the footing/pile cap experienced these failures, with as much as
50% (FS case) or 52% (FP case) of the footing exceeding the corresponding calculated capacity
(100% would indicate failure in the footing along the entire length of both the “front” and “back”
faces of the wall). FN failures were also pervasive, being indicated in 42% of the major categories
in Table 5.3, but they were ultimately not as important because no more than 6% of any footing
exceeded the calculated negative bending capacity. WBend failures were just as prevalent as the FS
and FP failures, being indicated in 58% of the major categories listed in Table 5.3. In addition, in
all categories in which it is listed, it is the first indicated failure. WD failures were comparatively less
common, being indicated in approximately 17% of the categories. Finally, AB and WB failures were
pervasive. All and 75% of the major bridge categories indicated AB and WB failures, respectively.
Figures 5.2 through 5.7 demonstrate that, in many cases, WB or AB failures directly preceded
the first loss of structural load capacity. (This was not the case for the non-skew longitudinal
pushover analyses, where closure of the expansion joint gap allowed the abutment to carry the
applied pushover force, which stabilized once the abutment capacity had been exceeded (AD).)
Bearing and abutment failures, however, were typically not the first major failures indicated. In
fact, footing/pile cap, wall, and pile failures, several of which include brittle failure mechanisms,
were often indicated earlier. These partial failures had only a minor affect on the response of the
model, yet they are potentially significant and could even result in a lower ultimate load capacity
than indicated by the analyses.
The small effect these failures had on the model’s response was a result of several factors. As
indicated in Table 4.1, the occurrence of some of these failures are not represented within the analyt-
ical model, while others depend on the nonlinear response of material models to correctly capture
the behavior of the structural component. In addition, most of the footing/pile cap failures (FS,
FP, and FN) are indicated when as little as 1% of the footing/pile cap has exceeded the calculated
capacity; therefore, even when one of these failures has been indicated, the effect on the model may
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be minimal because only a very small portion of the footing/pile cap experiences the failure.
When looking at the pushover results as a whole, the FS and FP failures fall into this important
category of failures. An FS failure itself would likely be brittle, but whether the resulting redistrib-
ution of the applied forces would lead to an unstable progression of the failure, or a stable arresting
of its progress, is not known. Regardless, the effect on the model would likely include a reduction
in the overall load capacity of the bridge. In the FP case the failure itself would likely be brittle
because of the extremely low footing/pile cap reinforcing steel ratios. Whether this failure is stable
or unstable is again difficult to determine, but its occurrence would also likely lead to a reduction in
the ultimate capacity of the bridge.
The FS failure strength is directly dependent on the concrete compressive strength (f ′c) and
footing/pile cap depth. For this study, a concrete compressive strength of 4.7 ksi (32.4 MPa) was
used, which was based on the average expected value for a 3.5 ksi (24.1 MPa) specified strength [3].
This f ′c value could be considered high because some specified f ′c values of 3 ksi (20.7 MPa) were
also seen in the sampled wall pier bridges, and statistically a batch of concrete could have a strength
even below this specified strength. For comparison purposes, an f ′c value of 3 ksi (24.1 MPa) would
lead to a 20% reduction in the calculated shear strength. Similarly, a footing/pile cap effective depth
of 2 ft (0.61 m) was used to calculate the footing/pile cap shear strength. This footing/pile cap effec-
tive depth corresponds to nearly 90% of the total footing/pile cap depth, which could overestimate
the strength for pile supported piers because bearing at the top of the pile is the mechanism that
transfers the majority of the pile axial force. This means that a smaller footing/pile cap thickness
should probably be used to calculate the shear force in these situations. The reduced thicknesses
result in a further reduction in shear strength of 38% for the steel and CFSP pile supported bridges,
and 13% for the timber pile supported bridges. However, footing/pile cap thickness varied amongst
the sampled wall pier supported bridges. In fact, footings/pile caps with thicknesses as large as 4 ft
(1.22 m) were encountered, and the footing/pile cap thickness of 27 in. (0.69 m) used in the models
was slighly less than the nearly 30 in. (0.76 m) average footing/pile cap thickness of the sampled
bridges. Consideration of all of these factors seems to further emphasize the importance of the FS
failures.
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5.3.2 Discussion by Major Category
The results have been organized into six major categories. These categories are broken down by
pier type (H or R), number of piers (1, 2, or 3), and by angle of skew (N or S). The categories found
in Table 5.3 represent these divisions. One transverse and one longitudinal pushover plot from each
category are presented in Figures 5.2 through 5.7.
H1N Category
In the transverse direction, only AB and WB failures always occurred. Not represented by the av-
eraged values in Table 5.3 is the fact that FS failures were the first major failure in many of the
transverse pushover analyses in this category, being indicated as the first major failure for 44% of
the models. Typically in these cases about 22% of the footing/pile cap exceeded the calculated
footing/pile cap shear capacity before the ultimate structural capacity was attained.
In the longitudinal direction, wall and footing/pile cap failures typically preceded failure of the
abutment. The WBend and WSY wall failures are ductile and likely do not signify major losses in
wall load-carrying capacity. In contrast, the WCru and WD wall failures indicate more significant
damage. A WCru failure indicates spalling of the wall concrete and a WD failure indicates extensive
damage to the wall. FS failures constituted the footing/pile cap failures, but only bridges with high
reinforcing steel ratios and mat type foundations had footings with significant portions (as high as
50%) exceeding the shear capacity before abutment failure.
H1S Category
Failure sequences and loads leading up to the first major loss of structural load capacity were very
similar for both the transverse and longitudinal pushover cases in this category (having 40 degree
skew), with wall failures being encountered in both pushover directions. Figure 5.8 shows typical
transverse and longitudinal pushover deflected shapes for both non-skew and skew bridges within
the H1 bridge category. The skew bridge figures demonstrate the introduction of a rotational re-
sponse and coupling of the transverse and longitudinal displacements. This rotation and coupling
produces combinations of the failures seen separately in the non-skew transverse and longitudinal
pushover cases. This coupling of failures is what leads to the similar failure sequences and loads in
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(a) H1N Transverse (b) H1N Longitudinal
(c) H1S Transverse (d) H1S Longitudinal
Figure 5.8: Typical H1 Pushover Deflected Shapes
the skew case for both pushover directions.
As was true in the non-skew case, wall and footing/pile cap failures often preceded abutment
and wall bearing failures. However, in contrast to the longitudinal H1N cases, no WD or WCru fail-
ures were indicated before loss of structural load capacity. This indicates that the weak direction
response of the wall is being engaged but not subjected to strains or displacements as extreme as
in the non-skew cases. Similarly, FS failures are indicated, but in the skew category all bridge
categories (model categories 1, 2, and 3, as well as CFSP, steel, and timber pile supported cate-
gories) seem equally at risk, with approximately 19% of the footing/pile cap typically exceeding
the calculated shear capacity before the ultimate load is attained.
H3N Category
In the transverse direction, results in this category are similar to those from the H1N category. This
is because the response of each of the three piers is similar to the response of the single pier in the
H1 cases. The major differences between the two are that the overall load applied to the structure is
increased and two additional WB failures are present. In the H3N transverse pushover list in Table
5.3, the failure sequence of the central fixed pier mimics that of the H1N transverse pushover case,
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although an FN failure is also indicated. As was discussed earlier, however, this failure is ultimately
unimportant since typically no more than 4% of the central pier footing/pile cap exceeded the FN
calculated capacity before the ultimate load was obtained. Footing/pile cap failures similar to those
in the central pier were not indicated in the r1 and r2 piers; this may be a result of the additional
restraint provided to the superstructure at those piers by the adjacent abutments.
In the longitudinal direction, only the central pier has fixed bearings capable of transmitting
force to the wall; therefore, only one wall is engaged in carrying the force in that direction, as is
the case of the H1 bridge longitudinal pushovers. This leads to nearly identical failure patterns and
load distributions between these two categories. The only apparent differences are the lack of FS
and WCru failures and the addition of an FP failure in the H3 case. Figure 5.1 indicates that only
bridges with numerical model designators of 1 or 5 were used to construct the H3N failure/load list
in Table 5.3. An FP failure is present in the H3 case as a result of the higher vulnerability of the 1
models to this particular failure, whereas the FS and WCru are lacking because the 2 and 3 models,
which are more prone to these failures, were not present (these models were not analyzed due to the
similarities between the H3N and H1N longitudinal models).
H3S Category
The failure sequences and loads in this category were similar to those in the H1S category, and,
as was true in the H1S cases, the failure loads and sequences before the first major drop in struc-
tural load capacity were similar between the two pushover directions within this category. Wall and
footing/pile cap failures at the central fixed pier preceded either a WB (transverse case) or AB (longi-
tudinal case) failure, which coincided with the attainment of the ultimate load. Both the WBend and
WSY failures are ductile and therefore not of major concern. The FS failure is somewhat important
in both pushover direction cases, with typically about 14% of the central footing/pile cap exceeding
the calculated shear capacity before the ultimate load has been attained.
R2N Category
In stark contrast to the hammerhead wall pier supported bridges, the non-skew regular bridges,
when subjected to transverse pushover analyses, were typically only susceptible to PY failures in
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addition to wall and abutment bearing failures. Despite the increased number of bearings used
for the regular wall pier bridges (6 per pier versus 4 per pier for the hammerhead bridges) and the
resulting increased shear force transferred to the pier, the greater strength of the wall and footing/pile
cap more than offsets the increased demand. The larger transferred force did lead to increased
demand on the piles, as indicated by the PY failure in the fixed pier piles. PY is only of concern
in the timber pile bridges where the onset of “yielding” signifies brittle failure of the pile material.
Investigation of the timber pile bridges shows that, on average, the 1, 2, and 3 model bridges had
approximately 26% of their fixed pier piles yield before the ultimate load was obtained. The model 6
bridge experienced failure of all its fixed pier piles before the attainment of ultimate load. Therefore,
pile yielding clearly is of significant concern in these cases.
In the longitudinal direction, various wall, abutment bearing, wall bearing, and footing/pile
cap failures occurred before the abutment capacity was exceeded. In contrast to the non-skew
hammerhead categories, neither WSY nor WD failures occurred. This indicates that the regular pier
walls are somewhat less vulnerable to wall damage than their hammerhead counterparts. Also, a WB
failure by toppling is indicated in the R2N category, but not in either of the non-skew hammerhead
categories. (Bearing toppling failure is not seen in the H3N longitudinal cases because it does not
occur before the abutment capacity has been exceeded; however, the occurrence is imminent at that
point. Minor differences between the models allow this failure to occur in the regular pier bridges
before the abutment capacity has been exceeded, thus resulting in the inclusion of this failure in the
results.) Finally, an FP failure is indicated for the R2N fixed pier footing/pile cap. FP failures are
likely in the low and average reinforcing steel ratio bridges, being indicated as the first major failure
in both categories. Typically about 46% of the fixed pier footing/pile cap in both the model 1 and 2
cases exceeded the calculated bending capacity.
PP failures were prevalent in all the R2NT_* longitudinal pushover models except those of
the model 6 bridges, where no PP failures occurred. Typically about 33% of the fixed pier piles
experienced pullout before the ultimate load had been attained. This trend was not seen in the
transverse pushover case or in any of the model 6 bridges.
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R2S Category
On average, the skew regular pier bridges were only susceptible to abutment bearing and wall
bearing failures in both the transverse and longitudinal pushover directions before the attainment
of ultimate load, but this was not universally the case. In the R2S transverse pushover analyses,
bridges with low and average reinforcing ratios (models 1 and 3, respectively) were also susceptible
to FP failures in both pier footings/pile caps. Typically about 47% of each footing/pile cap exceeded
the positive bending capacity in the model 1 bridges, and about 35% in the model 3 bridges. The
FP failure did not show up in the averaged failure/load list of Table 5.3 because of the addition of
the model 6 bridges, which are not susceptible to FP failures. In the longitudinal direction the trend
is similar, but only the fixed pier footing/pile cap experiences the FP failure. Additionally, WBend
failures are seen in the fixed pier wall in all model categories except the model 6 category.
As was true in the timber pile R2N longitudinal pushover case, model 1, 2, and 3 timber pile
supported bridges in this category were also susceptible to PP failures. This trend was seen in both
pushover directions, with typically about 10% of the roller bearing pier (transverse direction) or
fixed bearing pier (longitudinal direction) piles experiencing the failure. This failure was not seen
in the model 6 bridges.
5.3.3 The Effect of Pushover Direction
The predominant direction of excitation during an earthquake would have a low probability of being
aligned with either pushover direction investigated here. Therefore, any dependencies on pushover
direction could be very important in the response, and potentially to the survivability, of a wall pier
supported bridge subjected to an earthquake.
In general, the types of failures encountered were directly related to the direction of pushover,
with wall bending and ductility failures more prevalent in the longitudinal direction and bearing
failures more prevalent in the transverse direction. This trend is attributable to the fact that, in the
longitudinal direction, the wall pier acts as a “fuse” in bending, reaching its ultimate load before the
wall bearings can exceed their failure load. In the transverse direction, the pier-foundation system is
less flexible and has a greater ultimate strength, forcing the failure mechanism to be at the bearings.
This trend did not extend to the FS failures, where vulnerability seemed unchanged by pushover
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direction.
Pushover direction also affected the ultimate load attained during the analysis. Bridges pushed
in the longitudinal direction, on average, attained a higher ultimate load than those pushed in the
transverse direction. This is a result of the additional resistance provided by an abutment once the
expansion joint gap has closed.
5.3.4 The Effect of Bridge Skew Angle
The introduction of skew into the bridge models coupled the various failure modes from the two
pushover direction categories. In the transverse direction, wall failures such as WBend and WSY
were seen, and in the longitudinal direction, AB and WB failures were seen (in addition to those
encountered in the non-skew cases). This coupling of responses from the two pushover directions,
when considered in conjunction with the pushover direction dependencies mentioned above, high-
lights the importance of skew in the response of a wall pier supported bridge subjected to an earth-
quake. For instance, even in the unlikely case when an earthquake is exciting a bridge directly along
one of the major pushover directions discussed, the presence of skew would ensure that the bridge
would respond in both directions, and potentially introduce failure mechanisms not seen otherwise.
Therefore, skew could lead to a failure when otherwise one would not occur.
The introduction of skew also affected the ultimate load attained in the longitudinal pushover
cases. Longitudinal non-skew bridges reached an average ultimate load of approximately 3400 kips
(15,100 kN). When skew was introduced, the ultimate load was reduced by nearly two-thirds, to
approximately 1200 kips (5200 kN). This large reduction in capacity is a result of the fact that the
superstructure-abutment interface does not lie perpendicular to the longitudinal pushover direction.
As the superstructure moves longitudinally into the skewed abutment the superstructure is pushed
transversely. This transverse force eventually causes failure of the abutment bearings, which in
turn, allows the superstructure to slide past the abutment as it continues to move longitudinally. The
longitudinal load at which the abutment bearings fail (and subsequently allow the superstructure to
continue moving longitudinally) is significantly lower than the load at which an abutment fails (as
is the controlling mechanism in the longitudinal non-skew bridge cases), thus accounting for this
huge force discrepancy. This trend was not demonstrated in the transverse direction. This is because
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transverse bearing failure was the controlling mechanism in both the non-skew and skew cases.
The non-skew versus skew plots shown in Figures 5.2 through 5.7 demonstrate the above dif-
ferences. Looking specifically at the H1 cases in Figures 5.2 and 5.3, the difference in ultimate load
attained between the non-skew and skew longitudinal directions is glaring. Comparison of the two
skew curves also indicates differences in the post-peak load response.
5.3.5 The Effect of Wall Pier Type
Wall pier type had an important effect on the relative vulnerability of the bridges. On average,
the R2 bridges only experienced bearing failures (although PY, PP, and FP failures occurred in
some instances) before any loss of load capacity in all categories except the longitudinal non-skew
category. This is in contrast to the H1 and H3 categories, where, in addition to bearing failures, both
footing/pile cap and wall failures were more prevalent. Regular wall piers typically have wall and
footing/pile cap lengths more than twice the wall and footing/pile cap lengths of the hammerhead
wall piers. This increased length equates to greater wall and footing/pile cap strengths and thus
lower demand versus capacity ratios. This trend is very important; it indicates that nearly half of all
wall pier supported bridges (R2) are less vulnerable to wall and footing/pile cap failures.
5.3.6 The Effect of Wall Pier Pile/Foundation Type
In some instances, timber piles were susceptible to pile pullout. This vulnerability was specifically
noted in the R2N and R2S cases discussed above. In addition, the H1N, H1S, and H3N transverse
pushover also demonstrated this failure, where approximately 15% of the timber piles experienced
pile pullout. Neither the steel nor CFSP piles suffered from this phenomenon. The susceptibility of
the timber piles is a result of the shorter 6 in. (150 mm) embedment depth of the piles into the pile
cap. This is half of the embedment depth of the CFSP and steel piles.
Steel H-piles were particularly susceptible to pile yielding, whereas timber and CFSP piles
experienced yielding in only a limited number of instances. The effect of pile yielding is likely only
of significant importance in the timber piles, where the onset of “yielding” actually signals failure
of the material in a brittle fashion. The only instance where pile yielding was indicated before an
ultimate load was attained was in the R2N transverse pushover cases, as discussed earlier.
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Hammerhead bridges sometimes employed foundations without piles. These foundations were
very susceptible to overturning. In 75% of the categories of Table 5.3, bridges without foundation
piles experienced WO failures before the ultimate load had been attained, and in 25% of the cate-
gories, a WO failure was the first failure indicated. The only category where WO was not indicated
was the H1N longitudinal pushover category. The importance of this type of failure is difficult to
assess because the result of the failure is dependent on several factors, including supporting soil
properties, footing properties, and characteristics of the load distribution. In some instances, a WO
failure could result in local soil yielding and settlement of the pier, toppling of the pier, or local foot-
ing failure; whereas, in other instances, the soil strength would be sufficient to carry the additional
load, other elements in the structure would restrain the pier from toppling, or the footing would not
experience any local failure.
5.3.7 The Effect of Wall and Footing/Pile Cap Reinforcing Steel Ratios
In general, piers with low wall and footing/pile cap reinforcing steel ratios were more susceptible
to footing/pile cap failures. For the model 1 bridges in 75% of the categories listed in Table 5.3, an
FP failure was the first major failure indicated. This is in contrast to 30% and 0% for the model 3
and 2 bridges, respectively. For the model 1 bridges, on average, approximately 43% of the fixed
bearing pier footing/pile cap exceeded the calculated positive bending capacity before the ultimate
load was obtained.
Increasing the amount of reinforcing in some instances had a detrimental effect. As the amount
of reinforcement increased, the percentage of the footing/pile cap failing in shear generally in-
creased. For example, none of the footing/pile cap exceeded the calculated shear capacity in the
H1NS_1 longitudinal pushover case, but 27% of the H1NS_2 footing/pile cap did. No trans-
verse (shear) reinforcement was provided in the footings/pile caps of any of the surveyed wall
pier bridges; therefore, when reinforcement ratios were increased, there was no accompanying in-
crease in footing/pile cap shear strength. However, as footing/pile cap reinforcement increased,
the bending stiffness and strength of the footing/pile cap also increased, leading to a greater shear
demand.
The low reinforcing steel ratio bridges were also more susceptible to WS and WD failures. In
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general, as the amount of reinforcing increased, the load at which each of these failures occurred
increased. WS failures were indicated for the model 1 bridges in 17% of the categories in Table
5.3, whereas it was not indicated in any of the model 2 or 3 bridges. WD failures were indicated for
model 1 bridges in 25% of those categories, and in 17% and 25% of those categories for the model
2 and 3 bridges, respectively.
5.3.8 The Effect of Bearing Type
There were three bearing configurations evaluated; these configurations employed high steel (mod-
els 1 through 3, and model 6), low steel (model 4), and elastomeric (model 5) bearings. High
steel bolster (fixed) bearings fail by anchor bolt shear when loaded transversely (to the span of the
bridge) and by toppling when loaded longitudinally (parallel to the span of the bridge). Low steel
bearings fail by anchor bolt shear in both directions. Therefore, the low steel bearing configuration
simply provides an increased longitudinal bearing failure load capacity at the fixed bearing pier. In
all pushover cases, the weaker high steel bolster bearings never toppled (failed in their longitudinal
direction) before the ultimate load was obtained; therefore, replacement of these high steel bearings
with low steel bearings had no discernible effect on the pushover results.
Elastomeric bearings, on the other hand, did have an appreciable affect on the pushover re-
sponse. Elastomeric bearings have a relatively low shear stiffness, and the retainer brackets used
to restrain transverse displacement engage only a single bolt at a time; therefore, the ultimate load
attained before bearing failure was significantly decreased for all but the R2 and H3 non-skew
longitudinal cases, where the additional force carried by the non-fixed bearing piers was slightly
increased. Since high steel bolster bearings were still used at the fixed bearing pier in the elas-
tomeric bearing configurations, the types of failures encountered there were no different than those
seen in the other high steel bearing configuration cases. Figures 5.9 and 5.10 show typical model 5
transverse and longitudinal non-skew and skew pushover curves for the H1 bridge category.
5.3.9 The Effect of Regular Pier Wall Height
The wall pier height-to-length ratio varied greatly in the sampled regular wall pier bridges, with
several bridges having a significantly lower height-to-length ratio than that utilized in the majority
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(a) H1NS 5
(b) H1SS 5
Figure 5.9: Typical Model 5 (With Elastomeric Bearings) H1 Transverse Pushover Curves
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(a) H1NS 5
(b) H1SS 5
Figure 5.10: Typical Model 5 (With Elastomeric Bearings) H1 Longitudinal Pushover Curves
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of the models. As a result, a shorter regular wall pier height was chosen for the model 6 bridges.
Typically, R2**_3 bridges were susceptible to footing/pile cap, wall, and pile failures. In contrast,
R2**_6 bridges only experienced WB and AB (and, in the timber pile case, PY) failures before
reaching an ultimate load, regardless of pushover direction. This trend is a result of the increased
bearing shear demands required to obtain footing/pile cap and wall bending failure forces with
shorter walls; because bearing shear demand was increased, bearing failure occurred before the
footing/pile cap and wall failure forces could be obtained. PP failures were seen in several of the
normal height R2*T pushover cases; reduction in wall pier height eliminates this failure in those
cases, while in turn increasing the extent of the PY failure.
5.4 Pushover Analyses Summary and Conclusions
As a first step in the seismic vulnerability assessment of southern Illinois wall pier supported high-
way bridges, a series of nonlinear pushover analyses were conducted using three-dimensional bridge
models constructed to incorporate characteristics and variations determined from a wall pier sup-
ported bridge survey. The conclusions drawn from these analyses may be summarized as follows:
• In general, wall pier supported bridges were vulnerable to footing/pile cap shear and bending
failures, wall bending and ductility failures, and wall and abutment bearing failures, with
wall bending and footing/pile cap shear failures representing the most important failures due
to their early occurrence in the failure sequence, high likelihood of occurrence, and in the
case of the footing/pile cap shear failures, their potentially brittle nature.
• Wall and abutment bearing failures directly preceded the loss of load capacity in all cases
except for the non-skew longitudinal pushover case, where abutment failure controlled the
attained ultimate load. Some important failures such as footing/pile cap shear, footing/pile
cap positive bending, pile yield and pullout, and wall ductility failures preceded these bearing
and abutment failures, which indicates that bearing and abutment failures may ultimately not
control the strength of wall pier supported bridges.
• Pushover direction has a large impact on the types of failures encountered and the ultimate
load attained. Wall bending and ductility failures were more prevalent in the longitudinal
134
direction and bearing failures were more prevalent in the transverse direction. The ultimate
load attained was greater in the longitudinal pushover cases. This increased force, when cou-
pled with the wall bending “fuse” behavior of the pier, could signify a substantially reduced
seismic risk for the non-skew longitudinal cases. Therefore, the direction of excitation during
an earthquake could greatly affect the response a wall pier supported bridge. Footing/pile cap
shear did not show a dependency on pushover direction.
• Bridge skew led to coupling of failure mechanisms from the two pushover directions. There-
fore, the presence of skew could be important during seismic loading because it may introduce
failure mechanisms not seen in a non-skew case (such as introducing abutment bearing failure
in a case where the abutment strength capacity would normally control).
• In general, regular wall pier supported bridges (which make up nearly half of the wall pier
supported bridges on southern Illinois priority emergency routes) are not vulnerable to wall
and footing/pile cap failures, except when supported by timber piles. This is due to their
greater strength, which does result in an increased demand on the pile foundations, which
in turn leads to an increased susceptibility of the timber piles to pile pullout and “yielding”
failures
• Hammerhead bridges that employ foundations without piles were very susceptible to over-
turning. However, the consequences of this failure are hard to determine.
• Bridges with low reinforcing steel ratios were very susceptible to footing/pile cap bending
failures (in all categories), and somewhat susceptible to wall shear and ductility failures
(mainly in the hammerhead categories).
• Elastomeric bearings had little affect on the failures experienced at the fixed bearing pier, but
did affect the overall capacity of the bridge structure (reducing it significantly).
• A reduced wall height in the regular wall pier bridges eliminated many of the failures experi-
enced by the normal height pier bridges, except for bearing failures. In the timber pile cases,
the likelihood of pile pullout was eliminated while the extent of pile failure was increased.
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Taken as a whole, this indicates that short wall pier supported bridges, with the exception of
those supported by timber piles, may be the least vulnerable to non-bearing failures.
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Chapter 6
Structural Fragility
6.1 Introduction
A seismic fragility analysis was completed with the goal of producing a set of seismic fragility
curves for southern Illinois wall pier supported bridges. Seismic fragility curves relate a structure’s
expected seismic performance to some measure of earthquake intensity. For instance, given a spe-
cific value of the measure of earthquake intensity (peak ground acceleration (PGA) in this study),
a seismic fragility curve provides the probability a structure has of reaching or exceeding one of
several damage states (slight/minor, moderate, extensive, and complete in this study [23]). To illus-
trate this, consider the fragility curve shown in Figure 6.1, where for a structure with characteristics
that match those used to construct the curves and an earthquake with a PGA of 0.7g, the structure
has a 15%, 36%, 81%, and 100% probability of experiencing complete, extensive, moderate, and
slight/minor damage, respectively. Alternatively, these probabilitites can be thought of as indicating
the percentage of bridges within a population of bridges of this particular type that would expreience
these levels of damage (in other words 15%, 36%, 81%, and 100% of the structures in the popu-
lation would experience complete, extensive, moderate, and slight/minor damage, respectively).
Structural fragility curves are often further augmented by damage-functionality relationships that
relate the fragility curve damage levels to restoration times and economic loss. This project did not
develop damage-functionality relationships for wall pier supported bridges in southern Illinois.
Structural fragility analysis has at its root reliability theory. Simply stated, reliability theory
is a theoretical framework that quantifies uncertainty and incorporates that uncertainty in making
predictions about a component’s or system’s performance. Reliability theory relies on the methods
of statistics and probability theory to accomplish this task [31].
6.2 Uncertainty in Design
The basic principal behind any design criteria is that the capacity C of the component or system
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Figure 6.1: Typical Southern Illinois Wall Pier Supported Bridge Seismic Fragility Curve
should be greater than or equal to the demand D placed upon it. This can be summarized as follows:
C ≥ D (6.1)
Ensuring that the above equation is satisfied is often not enough for an adequate design. This
is because neither the capacity of the component or system, nor the demand placed upon it, is de-
terministic; rather, both quantities are random in nature. For instance, one may calculate the design
shear strength of a wall pier bridge footing/pile cap based on the equations outlined in ACI 318-02
[3]; however, due to variabilities in the mechanical properties of the concrete, variations in the foot-
ing/pile cap dimensions, and uncertainties introduced by the theory used to calculate the strength,
the actual footing/pile cap shear strength may be larger or smaller than this calculated value. Sim-
ilarly, the shear demand on this footing/pile cap could be calculated by various means (statics,
dynamics, finite element analysis, etc.); however, due to uncertainties in the determination of the
loads, the idealization of the loads, the transformation of the loads into load effects, and in mod-
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Figure 6.2: Probability Density Function for Capacity, C, and Demand, D
eling, the actual demand (or load effect in this case) may be larger or smaller than that calculated.
Therefore, it is possible that even if Equation 6.1 is satisfied, the component or system may fail.
This is illustrated by Figure 6.2, where CN represents the calculated capacity, DN represents the
calculated demand, and the two curves fC(r) and fD(q) (the probability density functions (PDF)
for C and D) represent the variability or uncertainty in these two values. The overlap of the two
curves (shaded area) represents the cases in which the actual capacity is less than the actual demand
and therefore failure occurs.
To minimize this overlap (reduce the likelihood of failure), several methods of design have been
employed. The two most readily recognized by civil structural engineers are the allowable stress
design (ASD) method (also known as working stress design) and the load and resistance factor
design (LRFD) method (similar to ultimate strength design). The ASD method makes use of a
factor of safety (value > 1) which is applied to the capacity (CN in Figure 6.2) to arbitrarily reduce
its value. When the ASD design requirement ( CFS > D) is met, this reduction in capacity has the
effect of shifting the fC(r) curve further to the right and therefore reducing the curve overlap. The
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LRFD method also applies adjustment factors to achieve this goal, although in this case both the
capacity and the demand values are modified (capacity downgraded and demand increased).
For fragility analysis, however, we are not strictly interested in ensuring that our component
or system is adequately designed, but rather in determining the probability or likelihood that our
component or system (as designed and constructed) will fail. To determine this probability, we will
make use of reliability theory, as described in more detail below.
6.3 Reliability Theory
From Equation 6.1 we can define the probability of failure (pf ) as follows:
pf = Probability That C < D = P (C < D) (6.2)
From Figure 6.2 we know that failure occurs in the region where the C and D PDFs fC(r) and
fD(q) overlap. Therefore, we can calculate the probability of failure as follows:
pf =
∫ ∞
0
[∫ q
0
fC(r)dr
]
fD(q)dq
=
∫ ∞
0
FC(q)fD(q)dq
(6.3)
where FC(q) is defined as the cumulative distribution function (CDF) of the capacity evaluated at
q. If the above functions are known, then the integration can be carried out and the probability of
failure is determined. Typically, however, these functions are not known exactly; rather, they are
represented approximately using standard density functions and statistically determined parameters,
which will be discussed next.
6.3.1 Review of Statistics
Much of the information in the following sections relies heavily on several sources [10, 20, 31].
Statistical Parameters
Assume that X is a random variable and that n is the number of observations of X . Several pa-
rameters can be defined that describe the distribution of the n values of X , which in turn provide
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approximate information about the distribution of X . First, the mean or expected value of X is
defined as:
Mean = µX =
1
n
n∑
i=1
xi (6.4)
where xi is the ith observation of X . Next, the sample variance of X , which is a measure of the
spread in the data about the mean, is defined as follows:
Variance = 1
n− 1
n∑
i=1
(xi − µX)2 (6.5)
From the sample variance the sample standard deviation can be calculated as follows:
Standard Deviation = σX =
√
Variance (6.6)
Finally, from the mean and sample standard deviation the sample coefficient of variation, which
relates the spread in the data to the mean value, can be calculated as follows:
Sample Coefficient of Variation (COV) = δX = σX
µX
(6.7)
It should be noted that smaller values of δX indicate smaller amounts of uncertainty in the variable,
with δX = 0 indicating a deterministic variable.
Probability Distributions
There are two probability distributions for continuous random variables applicable to this discus-
sion. These distributions are the normal (or Gaussian) distribution and the lognormal distribution.
Each of these distributions is described mathematically by their PDF and/or their CDF. The infor-
mation conveyed by these functions differs. On the one hand, the PDF gives the probability that
a continuous random variable X will fall between two bounds a and b, or P (a ≤ X ≤ b). This
probability is equal to the integral of the PDF between those two bounds. On the other hand, the
CDF gives the probability that a continuous random variable X will have a value less than or equal
to some value x, or P (X ≤ x). The CDF evaluated at x is equal to the area under the PDF between
the bounds −∞ and x, or P (−∞ ≤ X ≤ x).
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Figure 6.3: PDF and CDF for a Normal and Lognormal Distribution
Normal (or Gaussian) Distribution The PDF for a normally distributed continuous random vari-
able X is given by the following:
fX(x) =
1
σX
√
2pi
exp
[
−1
2
(
x− µX
σX
)2]
for −∞ < x < +∞ (6.8)
The two parameters σX and µX , along with the normal PDF, completely describe the distribution
of X . The CDF for a normally distributed continuous random variable X is given by:
FX(x) =
∫ x
−∞
1
σX
√
2pi
exp
[
−1
2
(
x− µX
σX
)2]
dx (6.9)
As an example, the PDF and CDF of a typical normal distribution with mean of 2 and standard
deviation of 0.25 are shown in Figure 6.3. If a variable X is normally distributed with a mean µX
and a standard deviation σX this is denoted as X 7→ N(µX , σX).
Through a simple variable transformation the original random variable X can be converted into
a standard normal variable S that has zero mean and a unit standard deviation (S 7→ N(0, 1)). This
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is accomplished by defining S as:
S =
X − µX
σX
(6.10)
Substitution of S into Equation 6.9 results in the standard normal (N(0, 1)) CDF, as shown below:
Φ(s) = FS(s) =
∫ s
−∞
1√
2pi
exp
[
−1
2
s2
]
ds (6.11)
This variable transformation is made to simplify the calculation of the integral in Equation 6.9.
The values of the standard normal CDF, Φ(s), are widely available in tabulated form and easily
reproduced in standard accounting and statistical software packages.
Lognormal Distribution If a variable Y is lognormally distributed, then lnY is normally dis-
tributed. The PDF for a lognormally distributed variable Y is given by the following.
fY (y) =
1
ζY y
√
2pi
exp
[
−1
2
(
ln y − λY
ζY
)2]
for 0 < y < +∞
= 0 for y ≤ 0
(6.12)
The two parameters ζY and λY , along with the lognormal PDF, completely describe the distribution
of Y . These parameters are defined as follows:
λY = µlnY = lnµY − 12ζ
2
Y (6.13)
ζY = σlnY =
√√√√ln[1 + (σY
µY
)2]
=
√
ln(1 + δ2Y ) (6.14)
where µlnY is the mean of the natural logarithms of the yi observations of Y (where yi is the ith
observation of Y ), and σlnY is the standard deviation of the natural logarithms of the yi observations
of Y . If the coefficient of variation (δY = σYµY ) is not very large, say less than 0.30, then ζY ≈ δY .
Because Z = lnY 7→ N(µZ = µlnY , σZ = σlnY ), we can use the standard normal CDF, Φ(s),
to define the CDF for a lognormally distributed variable Y as follows:
FY (y) = Φ(s) (6.15)
143
with S as defined by Equation 6.10. With the appropriate substitutions we have the following.
S =
Z − µZ
σZ
=
lnY − µlnZ
σlnZ
=
lnY − λY
ζY
(6.16)
The PDF and CDF of a typical lognormal distribution with mean of 2 and standard deviation
of 0.25 are shown plotted along with the PDF and CDF of the normal distribution in Figure 6.3.
If a variable Y is lognormally distributed with parameters λY and ζY , this is denoted as Y 7→
LN(λX , ζX).
Central Limit Theorem
The central limit theorem states that the sum of many random variables (of any various distribu-
tions), where none dominate the sum, tends to be normally distributed. Therefore, if Y is given by
the following:
Y =
n∑
i=1
Xi (6.17)
and Xi is a random variable of any distribution, then Y tends to be normally distributed as n →
∞. If the Xi’s are statistically independent normal random variables with mean µXi and standard
deviation σXi , and Y is given by:
Y = a1X1 + a2X2 + . . .+ anXn =
n∑
i=1
aiXi (6.18)
where the ai’s are constants, then Y is normally distributed with the following mean and standard
deviation:
µY =
n∑
i=1
aiµXi (6.19)
σY =
√√√√ n∑
i=1
a2iσ
2
Xi
(6.20)
An extension of the central limit theorem states that the product of many random variables of
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any distribution, where none dominates the product, tends to be lognormally distributed. Therefore,
if Y is given as follows:
Y = X1X2 . . . Xn =
n∏
i=1
Xi (6.21)
and Xi is a random variable of any distribution, then Y tends to be lognormally distributed as
n → ∞. If the Xi’s are statistically independent lognormal random variables with parameters λXi
and ζXi , and Y is given by:
Y =
n∏
i=1
Xi (6.22)
then Y is lognormally distributed with the following parameters:
λY =
n∑
i=1
λXi (6.23)
ζY =
√√√√ n∑
i=1
ζ2Xi (6.24)
6.3.2 Probability of Failure
Normal Distributions
If both the capacity C and the demand D in Equation 6.1 are statistically independent normal
variables (C 7→ N(µC , σC) and D 7→ N(µD, σD)) then we can introduce another random variable
F such that:
F = C −D (6.25)
Because F is the sum of two normal variables, it is also normally distributed, with mean and stan-
dard deviation given by Equations 6.19, and 6.20, as follows:
µF = µC − µD (6.26)
σF =
√
σ2C + σ
2
D (6.27)
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With the use of Equation 6.1, the probability of failure can now be expressed as follows:
pf = P (F < 0) (6.28)
Here, the failure probability is given by the CDF of F evaluated at 0 (or, as shown in Figure 6.4, the
area under the PDF to the left of 0). Therefore, by Equation 6.10:
S =
F − µF
σF
=
0− (µC − µD)√
σ2C + σ
2
D
=
µD − µC√
σ2C + σ
2
D
(6.29)
and, by Equation 6.11, the probability of failure is given by:
pf = Φ [s] = Φ
 µD − µC√
σ2C + σ
2
D
 (6.30)
Lognormal Distributions
If both the capacity C and the demand D in Equation 6.1 are statistically independent lognormal
variables (C 7→ LN(λC , ζC) and D 7→ LN(λD, ζD)) then we can introduce another random
variable G such that:
G =
C
D
(6.31)
Because G is the product of two lognormal variables, it is also lognormally distributed, with para-
meters given by Equations 6.23, and 6.24, as follows:
λG = λC − λD (6.32)
ζG =
√
ζ2C + ζ
2
D (6.33)
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Figure 6.4: PDF of F = C −D
With the use of Equation 6.1 the probability of failure can now be expressed as:
pf = P (G < 1) (6.34)
Here, the failure probability is given by the CDF of G evaluated at 1. Therefore, by Equation 6.16
we have:
S =
ln 1− µlnG
σlnG
=
0− λG
ζG
=
0− (λC − λD)√
ζ2C + ζ
2
D
=
λD − λC√
ζ2C + ζ
2
D
(6.35)
and, by Equation 6.15, the probability of failure is given by:
pf = Φ [s] = Φ
 λD − λC√
ζ2C + ζ
2
D
 (6.36)
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The above probability of failure equation can be rewritten with the help of Equations 6.13 and 6.14
as follows:
pf = Φ
 ln
[(
µD
µC
)√
1+δ2C
1+δ2D
]
√
ln
[
(1 + δ2C)(1 + δ
2
D)
]
 (6.37)
6.4 Fragility Analysis
Choi et al., Cornell et al., Gutierres et al., Hwang et al., Mander et al., Shinozuka et al., Singhal and
Kiremidjian, and Wen and Ellingwood discuss the construction of fragility curves [15, 18, 30, 34,
45, 58, 61, 67]. Gutierrez et al., and Hwang et al. specifically discuss reliability based liquefaction
analysis [30, 34].
The reliability concepts presented above provide the theoretical framework for the seismic
fragility assessment utilized in this research project. Recall that seismic fragility curves give the
probability over a range of earthquake magnitudes that a structure of a particular type will experi-
ence a certain level of damage (Figure 6.1). A single damage state fragility curve represents a series
of failure probabilities for a component or system (one probability for each earthquake intensity).
The change in failure probability with change in earthquake intensity is a direct result of the change
in demand with the change in earthquake intensity. This can be visualized with the use of Figure
6.2, where as the earthquake intensity is increased, the demand curve moves to the right. This, in
turn, leads to an increase in the overlap of the demand and capacity curves, and therefore to an
increase in the probability of failure.
If both the capacity corresponding to each limit state and the demand at each earthquake inten-
sity are either normally or lognormally distributed, with known mean and standard deviation, then
Equation 6.30 or 6.37 can be used to calculate the probability of failure (or exceedance) at each
earthquake intensity for each limit state.
6.4.1 Capacity
The component or system capacity corresponding to a particular damage state (and therefore the
demand needed to reach that damage state) is usually selected based on a definition of that damage
state. The damage states used in this research project are principally based upon those found in
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HAZUS99 and are summarized in Table 7.1 [23]. Typically capacities are defined at the component
level. For example, the slight/minor damage state corresponds to minor cracking and/or spalling in
the concrete of a critical structural component. Therefore, it is reasonable that, for the concrete in the
wall pier, the slight/minor damage state capacity should be taken as the concrete cracking tensile
stress (or strain). To calculate the probability of failure the uncertainty in the capacity must be
defined, which means that the PDF, the mean, and the standard deviation describing this uncertainty
in the capacity must be determined. These parameters have been determined for a wide variety of
materials, types of members, and loading situations, and therefore they can be determined directly
from the literature. The capacity is typically not defined at the system level because the task of
determining the system capacity parameters for a particular damage state is difficult. For instance,
information describing damage state capacity parameters (PDF, mean, and standard deviation) for a
system, such as an entire wall pier supported bridge structure, does not exist and would be extremely
difficult to determine.
6.4.2 Demand
To determine the seismic demand placed on a component or system, the following steps are under-
taken:
1. Construct a set of numerical models that statistically represent the the population of interest.
2. Construct/acquire a set of ground motions statistically representative of those expected in the
region of interest and determine the intensity of each ground motion.
3. Randomly pair each numerical model with an earthquake ground motion and analyze.
4. From the analysis results of each model-earthquake pair, determine the demand placed on
the component of interest and plot this demand versus the intensity of the earthquake (or, for
lognormal distributions, plot the natural logarithm of these parameters).
5. Use linear regression analysis to fit a straight line through the plotted points; this line repre-
sents the mean value of demand on that component at each earthquake intensity.
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6. Use the regression line and plotted points to determine the standard deviation of demand
about the mean value; a different standard deviation can be determined at each earthquake
intensity, or a single value can be determined for all earthquake intensities.
This procedure is illustrated in Figure 6.5 where each dot represents the finite element analysis
results from a single nonlinear three-dimensional earthquake-model pair. Each dot’s y-axis coor-
dinate equals the intensity of the ground motion (PGA), while the x-axis coordinate represents the
demand placed on one of the bridge’s components (for example, the demand might be the maxi-
mum tensile strain experienced by the concrete in the wall pier). A linear regression line has been
fit through the plotted points, indicating the expected or mean value of demand at each earthquake
intensity. Typically the PDF of the demand is assumed to be either normally or lognormally distrib-
uted at each earthquake intensity, with a single standard deviation across all earthquake intensities.
In Figure 6.5 the demand is assumed to be lognormally distributed at each earthquake intensity (rep-
resented by the gray shaded PDFs in Figure 6.5), with a single uniform standard deviation. Because
the demand is assumed to be lognormally distributed, the natural logarithm of the demand is plotted
against the natural logarithm of the earthquake intensity. The single uniform standard deviation
(σlnD = ζD) is calculated using Equations 6.5 and 6.6, and the mean values (µlnD = λD) are given
by the linear regression line.
6.4.3 Fragility Curve Construction
Once the capacity parameters have been determined for each component and each damage state,
and once the demand parameters have been determined for each component at each earthquake in-
tensity level, fragility curves for each bridge component can be calculated by simple application
of Equation 6.30 or 6.37 at each earthquake intensity over the range of intensities of interest. For
instance, the calculation of a single probability of failure (or exceedance) for a single component
at a single earthquake intensity level is illustrated in Figure 6.5. There, the mean capacity value
chosen to correspond with our damage state of interest is given by µC . The corresponding PDF is
represented by the fC(r) curve and has standard deviation (not shown) σC . Similarly, the mean de-
mand corresponding to the earthquake intensity of interest is given by the linear regression line and
is represented by µD. The PDF is represented by the fD(q) curve (middle grey shaded PDF which
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Figure 6.5: Reliability and Fragility Analysis
has been projected down to the x-axis) and has standard deviation (not shown) σD. The overlap of
the capacity and demand curves (red shaded area) represents the cases in which failure occurs. The
probability of failure corresponding to this overlap is the probability of failure (or exceedance) as-
sociated with the particular component whose data is plotted, the particular damage level associated
with the selected damage capacity, and at the particular earthquake intensity chosen. Therefore,
the production of a fragility curve for this damage level and component simply requires repeating
this illustrated procedure over the full range of applicable earthquake intensities to determine the
probability of reaching or exceeding this damage level throughout this range.
6.4.4 Structural Fragility Curves From Component Fragility Curves
For the seismic vulnerability assessment of wall pier supported bridges, it is most convenient to
express the fragility in terms of the entire structure (system) and not just for each bridge component
separately. However, as was mentioned above, when initially constructing fragility curves it is easier
to determine the capacity distribution parameters at the component level, and therefore to produce
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fragility curves for each component. To remedy this discontinuity, a method for determining the
system fragility from the individual component fragilities is required.
The above can be accomplished by visualizing the system as either a series of components
(weakest link system), where the failure of a single component results in the failure of the system, or
as a parallel system, where failure of all of the components is required to cause system failure (or as
some combination of these two). Because the component damage state capacities are selected based
on their affect on the system (i.e. cracking in the wall pier concrete means slight/minor damage for
the wall pier bridge system as a whole), consideration of a wall pier bridge as a series system is
most appropriate.
For a system composed of a number of components in series, the probability of system failure
is given by the union of the individual component failure probabilities. This is illustrated by the
three component system failure probability represented in Figure 6.6. There the probability of each
component failure is equal to the area enclosed within each elliptical region (represented by P (Cn)
for component n), and the total system failure probability is given by the total area of all the shaded
regions. For this three component system, this can be represented as follows:
pfs =P (C1) + P (C2) + P (C3)
− P (C1, C2)− P (C1, C3)− P (C2, C3)− P (C1, C2, C3)
(6.38)
where pfs represents the system failure probability, and P (Cm, Cn) and P (Co, Cp, Cq) repre-
sent joint component failure probabilities or regions of overlap. Note that P (Cm, Cn) represents
the region where only Cm and Cn overlap, or in other words, P (Cm, Cn, Cq) is not included in
P (Cm, Cn) (see Figure 6.6c). To calculate the exact failure probability of a general series system,
the joint component failure probabilities must be known in addition to the individual component
failure probabilities. These joint probabilities are difficult to determine, and therefore it is often
impractical to calculate the exact system failure probability. To circumvent this difficulty, upper
and lower bounds on the system failure probability can be found instead.
A simple method (first-order) for calculating such bounds has been suggested by Ang and Amin
[7, 31], and also by Cornell [17, 31]. An upper bound on the system fragility is found by assuming
that the component failure events are mutually exclusive, or that all joint probabilities are equal
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(a) Mutually Exclusive Failure Events (b) Perfectly Dependent Failure Events
(c) Partially Dependent Failure Events
Figure 6.6: Failure Probability for Three Component Series System
to zero (Figure 6.6a). Similarly, a lower bound is found by assuming that the component failures
are perfectly dependent (Figure 6.6b). These assumptions give rise to the following system failure
bounds:
max [P (Ci)] ≤ pfs ≤ min
[
n∑
i=1
P (Ci), 1
]
(6.39)
where P (Ci) is the failure probability for the ith component. Further, if the failure events are
assumed to be statistically independent, then the upper bound can be rewritten, as shown in the
following statement:
max [P (Ci)] ≤ pfs ≤ 1−
n∏
i=1
[1− P (Ci)] (6.40)
Based on Equation 6.40 it is possible to calculate upper and lower bounds on the system failure
probability from the component failure probabilities, if these are known. Since each component
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fragility curve gives the failure probability for each damage state at each earthquake intensity across
a range of intensities, it is possible to calculate the system failure probability bounds for each
damage state at each earthquake intensity over the same range. Therefore, Equation 6.40 allows
system fragility curves to be calculated from component fragility curves.
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Chapter 7
Fragility Assessment Using Nonlinear Dynamic Analyses
The procedure undertaken to construction fragility curves for southern Illinois wall pier supported
bridges is composed of a number of steps which fall within one of three major categories. These
categories are Capacity Parameter Determination, Demand Parameter Determination, and Fragility
Curve Construction. The exact procedure followed is discussed below.
7.1 Capacity Parameter Determination
To define capacity parameters for the construction of structural fragility curves, the following pro-
cedure was executed.
1. Determine appropriate structural damage level definitions.
2. Based on structural damage level definitions, define appropriate mean capacities for each
component failure limit state at each damage level.
3. Characterize the variability in each mean damage level capacity by determining a PDF and
COV that accurately represents that variability.
7.1.1 Structural Damage Level Definitions
There are a couple of different damage level definitions in common use [5, 22, 23]. For this study
the damage level definitions found in HAZUS99 were selected. These damage levels are identified
as slight/minor, moderate, extensive, and complete. Table 7.1 lists these damage categories and
gives definitions, based on those found in HAZUS99, for each as they apply to this study.
7.1.2 Mean Damage Level Component Capacities
The various wall pier bridge component failure limit states of interest are discussed in Chapter 4,
along with the methods used to determine the component failure limit state capacities. Based on
those component capacities and the selected fragility damage level definitions, mean component
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Table 7.1: Damage State Definitions Based on Those Found in HAZUS99 [23]
Damage State Description
Slight/Minor Minor cracking and/or spalling of concrete in critical structural component(s) (damage requires no
more than cosmetic repair).
Moderate Moderate cracking or spalling of concrete in critical structural component(s) without loss of struc-
tural soundness, moderate residual displacement of abutment(s) (< 2 in. (50 mm)), bent bolt(s) in
connection(s), keeper plate failure(s) without unseating, and/or rocker bearing failure(s) without un-
seating.
Extensive Degradation of critical structural component(s) without collapse, and/or significant residual displace-
ment at connection(s).
Complete Failure of critical structural component(s) leading to collapse, loss of seat, and/or tilting of substruc-
ture due to failure of foundation(s).
capacities were defined for each damage level. These mean damage level capacities are listed in
Table 7.2, grouped according to failure category and listed for each component (or component
limit state) at each damage level. For most of the failure categories, the capacity is given as a
ratio of the mean fragility damage level capacity to the Chapter 4 limit state capacity. For the
remaining failure categories, the capacity is given as the percentage of the pier footing/pile cap or
piles that must exceed the Chapter 4 capacity to cause failure (these failure categories include the
Footing/Pile Cap limit states in the Footing/Pile Cap Failures category, and the
Pile limit states in the Pile Failures category). In addition, the steel and elastomeric bearing
limit states given separately in Table 4.1 have been listed as a single failure category in Table 7.2.
This has been done for convenience and does not mean that any of the bearing failure limit states
discussed in Chapter 4 have been eliminated from consideration in the fragility analysis. Finally,
the damage level capacity listed in ( ) for each component limit state represents the capacity on
which the others in that limit state are based.
To clarify how fragility damage level capacities are listed in Table 7.2 consider the capacity
ratio of 0.75 that is listed in the slight/minor damage level column for the wall bearing trans-
verse/longitudinal failure. This capacity ratio indicates that if the transverse or longitudinal demand
on the component reaches 75% of the Chapter 4 capacity, then the bearing component is said to
have suffered sufficient damage to categorize the bridge structure as having suffered slight/minor
damage. In contrast, consider the capacity percentage of 25% that is listed in the extensive damage
level column for shear failure of the footing/pile cap. This capacity percentage indicates that if the
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Table 7.2: Fragility Component Failure Limit State Capacities
Component Limit State Slight/Minor Moderate Extensive Complete δC
Bearing/Seat Failures
Wall Bearing (Steel/Elastomeric)
Transverse/Longitudinal Failure 0.75 (1.0) 0.10 [25]
Abutment Bearing (Steel/Elastomeric)
Transverse/Longitudinal Failure 0.9 (1.0) 0.10 [25]
Pier Seat
Transverse/Longitudinal Failure 0.75 0.9 0.95 (1.0) 0.05 [43]
Abutment Seat
Transverse/Longitudinal Failure 0.75 0.9 0.95 (1.0) 0.05 [43]
Wall Pier Failures
Wall Ductility
Strong Direction (Shear) 0.8 0.9 (1.0) (1.47) 0.25 [43]
Weak Direction (Bending) 0.8 0.9 (1.0) (2.0) 0.15 [43]
Wall Strength
Shear 0.75 0.90 0.95 (1.0) 0.25 [43]
Bending 0.9 (1.0) 1.5 3.0 0.15 [43]
Concrete (Linear/Nonlinear)
Cracking (1.0) 5.0 10 50 0.18 [43]
Crushing 0.9 (1.0) 2.0 5.0 0.17 [43]
Steel (Nonlinear)
Yielding 0.9 (1.0) 1.38 0.10 [28, 43]
Footing/Pile Cap Failures
Concrete (Nonlinear and Linear) SEE ABOVE
Steel (Nonlinear) SEE ABOVE
Footing/Pile Cap
Shear 10% 15% (25%) 50% 0.25 [43]
Bending (Positive and Negative) 10% 15% (25%) 50% 0.15 [43]
Overturning
≤ 1
3
of Footing in Bearing 1.0 1.25 1.5 (2.0) 0.25 default
Pile Failures
Anchorage
Pullout 10% 25% 50% (100%) 0.25 default
Pile
Compression Failure at Pile Cap 25% 50% 75% (100%) 0.11 [28, 40, 43]
Shear Failure 10% 25% 50% (100%) 0.12 [28, 40]
Yielding 75% 100% 0.12 [28, 40, 43]
Abutment/Embankment Failures
Abutment
Transverse/Longitudinal Failure 0.25 0.5 (1.0) 3.0 0.25 default
The fragility damage level capacities listed here are presented as either a ratio of the mean fragility damage level
capacity to the failure limit state capacity defined earlier in Chapter 4, or as the percentage of the component(s) that
must exceed the Chapter 4 capacity.
The assumed coefficient of variation (δC ) representing the uncertainty associated with each component’s capacity
are given in the right most column, along with the source(s) (number(s) in [ ]) from which the value was obtained.
The damage level capacity listed in ( ) for each component limit state represents the capacity on which the others in
that limit state are based.
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shear demand along at least 25% of the failure paths shown in Figure 4.1 (in Section 4.4) exceeds
the Chapter 4 shear capacity then the footing/pile cap component is said to have suffered sufficient
damage to categorize the bridge structure as having suffered extensive damage.
7.1.3 Characterization of Variability in Mean Capacities
Defining only the mean fragility damage level capacities does not provide sufficient information to
carry out a fragility analysis. Information about the variability of the component capacities must
also be known. This variability is characterized by the COV (δC) and type of PDF associated with
each capacity. Approximate component limit state COVs were determined from several sources
[25, 28, 40, 43], and they are listed in the right most column of Table 7.2 (given in [ ] beside each
assumed COV is the source(s) on which the assumed value is based). When the type of loading,
member, or material was such that information describing typical capacity COVs could not be found
a default value of 0.25 was assumed. This COV equals the largest non-default COV in Table 7.2,
and was selected because it represents the largest capacity COV encountered in the investigated
literature. In the cited references the variability within each component failure limit state capacity
was described by either a normal or lognormal distribution. However, for the sake of simplicity, it
was assumed here that the lognormal distribution could describe this variability in all cases. This
assumption is not unreasonable because when the COV (δC) is less than approximately 0.30, as is
true for all cases here, then ζC ≈ δC (as indicated in Section 6.3.1) and a lognormal distribution
can be used to represent a normal distribution, with the introduction of only minimal error.
7.2 Demand Parameter Determination
To determine the wall pier bridge component demand parameters for the construction of structural
fragility curves, the following procedure (organized by task category) was executed.
• Ground Motions
1. Locate representative NMSZ bedrock ground motions.
2. Select a set of representative soil column profiles from the wall pier bridge random
survey.
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3. Use selected soil column profiles and site response software to convert bedrock motions
to soil column motions.
4. For each soil column motion, determine the value of an earthquake intensity parameter
(PGA in this case).
• Models
1. Based on characteristics determined during the southern Illinois wall pier supported
bridge survey (discussed earlier), create a set of three-dimensional nonlinear finite el-
ement wall pier bridge models with appropriately varied characteristics, such that the
created model set accurately represents the actual southern Illinois wall pier supported
bridge population.
2. Pair at random each created model with an earthquake ground motion to create a set of
earthquake-model pairs.
• Analysis
1. Run each earthquake-model pair through a nonlinear dynamic time-history finite ele-
ment analysis and determine the maximum demand placed on each component for that
earthquake.
2. Using the procedure outlined in the previous chapter, determine the relationship (includ-
ing lognormal distribution parameters) between component demand and earthquake in-
tensity using all earthquake-model pairs, or just those related to a wall pier bridge subset
of interest (for instance, just the hammerhead bridges).
7.2.1 Ground Motions
NMSZ Bedrock Ground Motions
For fragility curves to be useful, the ground motions used to produce them should represent the
regional characteristics of any potential earthquakes. Therefore, ground motions that represent
mid-American earthquakes need to be used. Earthquakes of an appreciable magnitude in the central
United States are rare, as are recordings of such events. Therefore, any input ground motions used
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in this project to represent potential mid-America seismic events would have to be synthetically
produced. A project conducted by the Mid-America Earthquake (MAE) Center has created a set of
sixty synthetic bedrock ground motions (unidirectional acceleration time-histories) that represent
potential earthquakes at several NMSZ cities, namely St. Louis and Carbondale located in Illinois,
and Memphis located in Tennessee [68]. These sixty bedrock motions (twenty motions per city)
represent potential earthquake events with either a 2% (ten motions per city) or a 10% (ten motions
per city) probability of exceedance in 50 years (2% PE/50 or 10% PE/50). These bedrock ground
motions range in peak bedrock acceleration (PBA) from 0.03g to 0.40g (where g represents the
acceleration due to earth’s gravity). It is assumed that these motions accurately represent in general
the regional characteristics of potential NMSZ earthquakes since they were developed specifically
for the New Madrid region.
Each of these sixty motions is designated by using a five digit alphanumeric code. The first digit
represents what city the motion is associated with (designated by either an L, C, or M to represent
St. Louis, Carbondale, or Memphis, respectively). The second and third digits designate the PE/50
percentage, either 02 for 2% PE/50 or 10 for 10% PE/50. The fourth and fifth digits designate
the specific motion identification number, given as a number between 01 and 10. For example, the
motion designated C0207 is the seventh Carbondale motion with a 2% PE/50. This nomeclature
will be used to specify motions from here forward.
Soil Column Profiles
Instead of using a large number of different soil profiles to perform the wall pier fragility analysis (in
turn necessitating a significant amount of related work to determine all of the BNWF soil response
curves and to compute soil profile motions), a more efficient procedure was adopted. It was noted
for each pile type identified in the wall pier random sample (CFSP, steel-H, and timber) that there
was a characteristics soil type/profile that was typically associated with it. Therefore, for each pile
type a soil profile was simply selected from those in the wall pier bridge sample to represent the
group of profiles associated with that pile type. The soil profiles selected are shown in Table 7.3;
note that the steel pile profile was also used as the profile for footing supported bridges (without
piles). In addition to the soil layer descriptions and depths given in the table, average standard
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Table 7.3: Soil Profiles Associated With Each Pile Type
CFSP Piles
Depth Avg. SPT N Avg. Qu Description
0 - 2.5 ft (0 - 0.8 m) 18 3.2 kips/ft2 (150 kN/m2) Grey Alluvial Sandy SILT
2.5 - 10.0 ft (0.8 - 3.0 m) 8 2.6 kips/ft2 (120 kN/m2) Brown and Grey Alluvial CLAY
10.0 - 15.0 ft (3.0 - 4.6 m) 5 1.2 kips/ft2 (60 kN/m2) Brown Alluvial Silty SAND
15.0 - 27.5 ft (4.6 - 8.4 m) 10 Brown Alluvial SAND
27.5 - 35.0 ft (8.4 - 10.7 m) 16 Grey Alluvial SAND
35.0 - 50.0 ft (10.7 - 15.2 m) 52 Grey Alluvial SAND and Small GRAVEL
Steel Piles (also used for footing supported bridges)
Depth Avg. SPT N Avg. Qu Description
0 - 5.0 ft (0 - 1.5 m) 7 3.4 kips/ft2 (160 kN/m2) Stiff Brown Silty CLAY
5.0 - 17.5 ft (1.5 - 5.3 m) 10 4.0 kips/ft2 (190 kN/m2) Stiff to Very Stiff Grey Silty Clay LOAM
17.5 - 20.0 ft (5.3 - 6.1 m) 12 5.2 kips/ft2 (250 kN/m2) Very Stiff Brown Silty CLAY
20.0 - 22.5 ft (6.1 - 6.9 m) 39 10.4 kips/ft2 (500 kN/m2) Hard Grey and Brown Sandy Clay LOAM
22.5 - 25.0 ft (6.9 - 7.6 m) 75 20.4 kips/ft2 (980 kN/m2) Hard Silty CLAY with trace of GRAVEL
25.0 - 30.0 ft (7.6 - 9.1 m) 100 Very Dense SAND and GRAVEL
Timber Piles
Depth Avg. SPT N Avg. Qu Description
0 - 10.0 ft (0 - 3.0 m) 25 6.1 kips/ft2 (290 kN/m2) Very Stiff Mottled Silty Clay LOAM
10.0 - 17.5 ft (3.0 - 5.3 m) 20 3.7 kips/ft2 (180 kN/m2) Stiff Mottled Silty Clay LOAM
17.5 - 20.0 ft (5.3 - 6.1 m) 32 3.3 kips/ft2 (160 kN/m2) Very Stiff Mottled Silty CLAY
20.0 - 30.0 ft (6.1 - 9.1 m) 121 15.7 kips/ft2 (750 kN/m2) Hard Mottled Silty Sandy CLAY
penetration test (SPT) blow count values (N) and average undrained shear strengths (Qu) for each
soil layer are listed.
Bedrock Motion Conversion to Soil Column Motion
The set of sixty motions obtained were given at bedrock; therefore, it was necessary to compute in-
put soil layer motions from these bedrock motions. To accomplish this, the one-dimensional equiv-
alent linear site response software SHAKE2000 [52] was utilized. It was assumed that bedrock
existed directly beneath the terminating soil layer of each soil boring (at a depth of 30 or 50 ft (9 or
15 m) below the ground surface). While this assumption simplified the process of computing soil
layer motions, it neglects two potentially important southern Illinois geologic features that affect
seismic response characteristics. First, the depth to firm rock in Illinois ranges from approximately
50 ft (15 m) in the St. Louis area to around 550 ft (170 m) near Cairo at the southern tip of the state
[68]. Soil columns with greater depths (such as those near Cairo, Illinois) have a tendency to am-
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plify long period motions while decreasing overall PGA [53]; the above assumption eliminated any
consideration of this effect. Second, the presence of the Mississippi embayment, a soft sedimen-
tary soil layer, in limited portions of southern Illinois can affect ground motion characteristics in a
similar manner. Again, the above simplification removed any effects due to this geologic feature.
Despite this, it was felt that the simplification was not unreasonable for a couple of reasons. First,
the neglected geologic features only exist within limited regions of southern Illinois, and second,
the sought after input ground motions must only be representative of a regional earthquake, not an
exact representation.
Acceleration time-histories were computed at every soil layer within each of the three pile-
specific soil profiles for all sixty bedrock motions, producing a total of 180 ground motions for
use in the dynamic analyses. Because the bedrock motions and subsequent soil profile motions
were unidirectional in nature, each motion therefore had randomly assigned to it an angle between
0 and 90 degrees, representing the angle at which the unidirectional motion would be applied to
the structure (0 degrees corresponding to the motion being applied perpendicular to the face of
the wall pier and 90 degrees corresponding to the motion being applied parallel to the length of
the wall pier.). Based on this assigned angle, each soil profile motion was then decomposed into
a longitudinal (along the long dimension of the pier) and transverse (perpendicular to the face of
the pier) component for model input. Note that this angle references the wall pier and not the
longitudinal and transverse directions of the superstructure. To convert the assigned angle to one
that references the superstructure (with 0 degrees representing corresponding to motion along the
span direction of the superstructure), then simply add 40 degrees to the assigned angle for motions
utilized with skew bridges.) Tables 7.4, 7.5, and 7.6 list the PGA and assigned angle for each of the
sixty motions within the CFSP pile, steel pile and footing, and timber pile soil profiles, respectively.
There the PGA values range from 0.11g to 0.72g, 0.14g to 1.23g, and 0.11g to 1.01g for the CFSP
pile, steel pile and footing, and timber pile profiles, respectively. Figure 7.1 shows the average
acceleration response spectra (damping ratio (ζ) equal to 5%) for each of the CFSP, steel, and
timber pile profile motions used in this study.
In an actual earthquake, the ground shaking is rarely if ever unidirectional. By using unidi-
rectional motions there exists a direction in which the ground does not move (this is the direction
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Table 7.4: CFSP Pile Soil Profile Ground Motion PGA and Assigned Angle
Motion PGA Angle Motion PGA Angle Motion PGA Angle
C0201 0.39g 30.1◦ L0201 0.22g 85.5◦ M0201 0.56g 1.8◦
C0202 0.42g 87.2◦ L0202 0.42g 7.7◦ M0202 0.50g 25.4◦
C0203 0.38g 34.2◦ L0203 0.25g 13.2◦ M0203 0.49g 6.4◦
C0204 0.38g 50.4◦ L0204 0.18g 82.2◦ M0204 0.48g 80.0◦
C0205 0.43g 46.1◦ L0205 0.27g 43.3◦ M0205 0.55g 54.5◦
C0206 0.50g 23.5◦ L0206 0.23g 65.4◦ M0206 0.72g 44.3◦
C0207 0.45g 75.3◦ L0207 0.18g 70.7◦ M0207 0.57g 10.5◦
C0208 0.35g 7.4◦ L0208 0.24g 24.1◦ M0208 0.49g 13.0◦
C0209 0.35g 46.6◦ L0209 0.26g 21.6◦ M0209 0.43g 25.8◦
C0210 0.42g 31.7◦ L0210 0.39g 39.0◦ M0210 0.52g 27.0◦
C1001 0.17g 29.7◦ L1001 0.13g 74.4◦ M1001 0.23g 54.7◦
C1002 0.21g 21.0◦ L1002 0.13g 12.5◦ M1002 0.24g 84.1◦
C1003 0.21g 28.5◦ L1003 0.11g 47.5◦ M1003 0.18g 89.7◦
C1004 0.23g 20.0◦ L1004 0.12g 49.1◦ M1004 0.21g 63.5◦
C1005 0.26g 15.0◦ L1005 0.12g 53.4◦ M1005 0.26g 56.9◦
C1006 0.24g 38.6◦ L1006 0.16g 33.8◦ M1006 0.27g 18.0◦
C1007 0.23g 79.2◦ L1007 0.16g 44.6◦ M1007 0.21g 34.0◦
C1008 0.21g 31.6◦ L1008 0.12g 36.5◦ M1008 0.19g 63.5◦
C1009 0.20g 42.6◦ L1009 0.15g 44.6◦ M1009 0.21g 5.3◦
C1010 0.21g 19.9◦ L1010 0.14g 75.7◦ M1010 0.26g 22.7◦
Table 7.5: Steel Pile and Footing Soil Profile Ground Motion PGA and Assigned Angle
Motion PGA Angle Motion PGA Angle Motion PGA Angle
C0201 0.78g 59.7◦ L0201 0.45g 77.2◦ M0201 1.09g 57.0◦
C0202 0.56g 84.8◦ L0202 0.79g 26.1◦ M0202 0.91g 83.3◦
C0203 0.66g 79.3◦ L0203 0.31g 0.0◦ M0203 0.94g 8.7◦
C0204 0.63g 77.7◦ L0204 0.22g 49.9◦ M0204 0.89g 57.9◦
C0205 0.70g 43.3◦ L0205 0.36g 11.1◦ M0205 0.94g 20.4◦
C0206 0.59g 39.8◦ L0206 0.47g 6.1◦ M0206 0.99g 31.6◦
C0207 0.70g 13.3◦ L0207 0.22g 68.3◦ M0207 1.23g 26.7◦
C0208 0.56g 0.3◦ L0208 0.40g 47.1◦ M0208 0.89g 12.7◦
C0209 0.66g 51.2◦ L0209 0.35g 53.5◦ M0209 0.87g 30.0◦
C0210 0.71g 58.7◦ L0210 0.69g 26.2◦ M0210 0.74g 85.2◦
C1001 0.31g 53.0◦ L1001 0.28g 35.1◦ M1001 0.27g 42.9◦
C1002 0.25g 76.6◦ L1002 0.16g 36.2◦ M1002 0.44g 75.6◦
C1003 0.38g 6.6◦ L1003 0.15g 1.4◦ M1003 0.31g 32.3◦
C1004 0.25g 16.5◦ L1004 0.19g 37.4◦ M1004 0.29g 49.9◦
C1005 0.41g 69.8◦ L1005 0.14g 4.0◦ M1005 0.35g 26.3◦
C1006 0.34g 80.0◦ L1006 0.20g 31.1◦ M1006 0.46g 40.4◦
C1007 0.33g 79.9◦ L1007 0.24g 53.1◦ M1007 0.31g 54.4◦
C1008 0.34g 72.5◦ L1008 0.18g 78.3◦ M1008 0.26g 57.5◦
C1009 0.41g 36.8◦ L1009 0.19g 10.0◦ M1009 0.27g 59.2◦
C1010 0.29g 47.5◦ L1010 0.18g 83.0◦ M1010 0.47g 13.4◦
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(a) Motions with 10% PE/50
(b) Motions with 2% PE/50
Figure 7.1: CFSP, Steel, and Timber Pile Soil Profile Motion Average Response Spectra (ζ=5%)
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Table 7.6: Timber Pile Soil Profile Ground Motion PGA and Assigned Angle
Motion PGA Angle Motion PGA Angle Motion PGA Angle
C0201 0.50g 74.7◦ L0201 0.30g 82.7◦ M0201 0.79g 39.6◦
C0202 0.47g 52.6◦ L0202 0.63g 81.2◦ M0202 0.72g 55.9◦
C0203 0.56g 38.8◦ L0203 0.34g 13.7◦ M0203 0.66g 19.3◦
C0204 0.48g 14.0◦ L0204 0.25g 2.3◦ M0204 0.58g 83.1◦
C0205 0.49g 74.5◦ L0205 0.28g 22.2◦ M0205 0.89g 27.9◦
C0206 0.53g 72.3◦ L0206 0.35g 8.6◦ M0206 1.01g 18.8◦
C0207 0.56g 89.6◦ L0207 0.19g 53.3◦ M0207 0.74g 80.1◦
C0208 0.54g 9.0◦ L0208 0.31g 4.7◦ M0208 0.61g 85.1◦
C0209 0.52g 57.1◦ L0209 0.39g 29.8◦ M0209 0.74g 64.2◦
C0210 0.60g 37.7◦ L0210 0.47g 3.6◦ M0210 0.57g 88.1◦
C1001 0.19g 6.8◦ L1001 0.15g 62.2◦ M1001 0.25g 62.9◦
C1002 0.27g 63.4◦ L1002 0.11g 44.8◦ M1002 0.26g 30.2◦
C1003 0.29g 41.8◦ L1003 0.11g 75.1◦ M1003 0.21g 60.2◦
C1004 0.25g 10.3◦ L1004 0.14g 0.3◦ M1004 0.23g 82.9◦
C1005 0.30g 89.7◦ L1005 0.12g 20.5◦ M1005 0.28g 46.0◦
C1006 0.30g 78.5◦ L1006 0.18g 68.2◦ M1006 0.30g 63.1◦
C1007 0.25g 64.2◦ L1007 0.14g 50.1◦ M1007 0.21g 62.7◦
C1008 0.22g 68.4◦ L1008 0.14g 44.1◦ M1008 0.29g 20.0◦
C1009 0.29g 38.5◦ L1009 0.17g 16.3◦ M1009 0.22g 46.3◦
C1010 0.20g 28.9◦ L1010 0.13g 75.3◦ M1010 0.34g 58.4◦
perpendicular to that in which the unidirectional motion is applied). In an actual earthquake, due
to the various types of waves generated, no such direction would exist. In addition, because the
different types of seismic waves produce ground motions with dissimilar characteristics, the ground
motions in one horizontal direction typically have frequency and amplitude characteristics unequal
to those of the motions in a perpendicular direction. Therefore, the use of unidirectional motions
to analytically represent an earthquake neglects some of the energy that could potentially cause
damage to a structure in an actual earthquake. This means that the methodology used here may
underestimate the amount of damage a structure might experience in a seismic event of a given size.
This should be kept in mind when considering the wall pier supported bridge vulnerability curves
presented below.
Research conducted recently within the MAE Center has produced a new set of ground motions
for six cities within the NMSZ [24]. These motions are for the cities of Memphis and Jackson,
Tennessee; Jonesboro, Blytheville, and Little Rock, Arkansas; Paducah, Kentucky; and Cape Gi-
rardeau, Missouri. A total of 30 motions were produced for each city (although twice that number
were produced for Memphis) – 10 with a 10% PE/50, 10 with a 5% PE/50, and 10 with a 2%
PE/50. Each of these motions (acceleration time-histories) are given at the ground surface and take
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into account the Mississippi embayment. Although these motions were not available for use in this
project, they provide a means by which some simple comparisons can be made.
Of the above cities, only Paducah, Kentucky, and Cape Girardeau, Missouri are close to south-
ern Illinois. The Paducah motions utilized a soil column depth of 395 ft (120 m), and the Cape
Girardeau motions a soil column depth of 33 ft (10 m). Figure 7.2 shows the average acceleration
spectra for each of these cities along with the average spectra for the motions used in this project.
As expected, the greater soil column depths and the effect of the Mississippi embayment simultane-
ously reduce the high frequency content of the motions while increasing the low frequency content.
Overlain on both the 10% and 2% PE/50 spectra are the average periods for the first (0.85 sec) and
second (0.45 sec) modes of the wall pier supported bridges, as determined from mode extraction
analyses performed on each model. Figure 7.3 demonstrates what these mode shapes typically look
like. The frequency content of the newly produced motions are such that greater excitation of the
higher period modes (such as the first and second modes) would occur for these motions, potentially
resulting in greater amounts of damage to wall pier supported bridges than indicated in this study.
This is somewhat disconcerting; however, as was mentioned earlier, only very small portions of
southern Illinois have the geologic features that create surface motions with these characteristics.
Therefore, the results obtained here should be relatively representative of the threat to wall pier
supported bridges in southern Illinois.
7.2.2 Models
Wall Pier Bridge Model-Earthquake Pair Construction
A total of 96 wall pier bridge model-earthquake pairs were created to conduct the fragility analysis
portion of this research project. In a manner similar to that used for the construction of the wall
pier pushover analytical models, fragility models were constructed that incorporated both “major”
and “minor” variations. “Major” variations included pier type (hammerhead or regular), number
of piers (1, 2, or 3), pier height-to-length ratio (normal or short), existence of skew (non-skew or
skew), and foundation support type (CFSP pile, steel-H pile, timber pile, or footing). Figures 7.4
and 7.5 demonstrate the chosen constructs of these variations for the hammerhead and regular wall
pier models, respectively. Additional variations were made within each “major” category (or branch
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(a) Motions with 10% PE/50
(b) Motions with 2% PE/50
Figure 7.2: Comparison of Average Response Spectra (ζ=5%) Between Recently Produced NMSZ
Ground Motions for Paducah, Kentucky, and Cape Girardeau, Missouri and Those Produced in This
Study.
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(a) Non-Skew Mode 1, Period ≈ 0.85 sec (b) Non-Skew Mode 2, Period ≈ 0.45 sec
(c) Skew Mode 1, Period ≈ 0.85 sec (d) Skew Mode 2, Period ≈ 0.45 sec
Figure 7.3: Typical Non-Skew and Skew Wall Pier Supported Bridge First and Second Mode Shapes
of the tree). These “minor” variations included reinforcing ratios (low, average, or high), bearing
type/configuration (all steel bearings, or steel bearings at fixed-bearing pier and elastomeric bearings
elsewhere), and inclusion or exclusion of embankments. These “minor” variations are indicated at
each terminating node in the tree by either the trailing number attached to each ground motion
designation (the definition of the numbers used is tabulated below each figure) or the associated
column heading. All other bridge characteristics remained constant between models. Table 5.1 lists
the bridge characteristics used in the models. Once each model had been created, it was paired at
random with a soil profile motion appropriate to the pile type used in the model.
The set of model-earthquake pairs was constructed to reflect the statistical variation of charac-
teristics within the wall pier bridge random sample, with some exceptions. A comparison of the
model-earthquake set characteristics to those of the randomly sampled wall pier bridges is given in
Table 7.7 (bare percentages are for the fragility model-earthquake set, whereas percentages listed in
( ) are for the wall pier random sample).
Of the 96 model-earthquake pairs, 58% (56 model-earthquake pairs) represent hammerhead
bridges and 42% (40 model-earthquake pairs) represent regular bridges. This is in comparison to
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Figure 7.4: Hammerhead Wall Pier Bridge Fragility Models
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Figure 7.5: Regular Wall Pier Bridge Fragility Models
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Table 7.7: Fragility Model-Earthquake Pair Statistics
Category All Types Hammerhead Regular
Number of Piers
1 Pier 29% (25%) 50% (40%)
2 Piers 42% (35%) 100% (70%)
3 Piers 29% (35%) 50% (50%)
Skew/Non-Skew
Skew (> 20◦) 50% (15%) 50% (10%) 50% (20%)
Non-Skew (≤ 20◦) 50% (85%) 50% (90%) 50% (80%)
Pier Height-to-Length Ratio (Λ)
Normal (Λ ≥ 0.35) 83% (89%) 100% (100%) 60% (78%)
Short (Λ < 0.35) 17% (11%) 40% (22%)
Pile Type
CFSP 4% (10%) 0% (0%) 10% (20%)
Steel 42% (35%) 39% (30%) 45% (40%)
Timber 42% (40%) 39% (40%) 45% (40%)
Footing 13% (15%) 22% (30%) 0% (0%)
Bearings
Steel 71% (65%) 70% (80%) 72% (50%)
Elastomeric 29% (35%) 30% (20%) 28% (50%)
Abutment/Embankment
Abutment Only 49% (45%) 30% (30%) 75% (60%)
With Embankment 51% (55%) 70% (70%) 25% (40%)
Reinforcement Ratios
Low 25% (↓ 24%) 29% (↓ 18%) 20% (↓ 31%)
Footing/Pile Cap
Longitudinal ↑ (15%) ↑ (16%) ρl < 0.06% ↑ (14%) ρl < 0.05%
Footing/Pile Cap
Cross-Longitudinal ↑ (28%) ↑ (32%) ρcl < 0.20% ↑ (24%) ρcl < 0.10%
Pier Wall Vertical ↑ (28%) ↑ (12%) ρv < 0.17% ↑ (48%) ρv < 0.17%
Pier Wall Horizontal ↑ (24%) ↑ (12%) ρh < 0.12% ↑ (38%) ρh < 0.12%
Average 58% (↓ 56%) 57% (↓ 61%) 60% (↓ 49%)
Footing/Pile Cap
Longitudinal ↑ (67%) ↑ (72%) 0.06%≤ ρl ≤ 0.18% ↑ (62%) 0.05%≤ ρl ≤ 0.12%
Footing/Pile Cap
Cross-Longitudinal ↑ (48%) ↑ (44%) 0.20%≤ ρcl ≤ 0.52% ↑ (52%) 0.10%≤ ρcl ≤ 0.22%
Pier Wall Vertical ↑ (37%) ↑ (40%) 0.17%≤ ρv ≤ 0.28% ↑ (33%) 0.17%≤ ρv ≤ 0.28%
Pier Wall Horizontal ↑ (70%) ↑ (88%) 0.12%≤ ρh ≤ 0.23% ↑ (48%) 0.12%≤ ρh ≤ 0.23%
High 17% (↓ 18%) 14% (↓ 21%) 20% (↓ 20%)
Footing/Pile Cap
Longitudinal ↑ (17%) ↑ (12%) ρl > 0.18% ↑ (24%) ρl > 0.12%
Footing/Pile Cap
Cross-Longitudinal ↑ (24%) ↑ (24%) ρcl > 0.52% ↑ (24%) ρcl > 0.22%
Pier Wall Vertical ↑ (26%) ↑ (48%) ρv > 0.28% ↑ (19%) ρv > 0.28%
Pier Wall Horizontal ↑ (6%) ↑ (0%) ρh > 0.23% ↑ (14%) ρh > 0.23%
Bare values represent model set percentages.
( ) values represent percentages determined from wall pier random sample.
↓ indicates that the value immediately to the right is an average of the values listed below.
↑ indicates that a value is not listed because one is not applicable.
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an equal number of each (46%) in the original wall pier random sample. All of the regular wall
pier models were constructed with two piers; 70% of the sampled regular wall pier bridges fell into
this category. All of the hammerhead models had either one or three piers, with half of the model
bridges in each category. This distribution closely matches the sample distribution for hammerhead
bridges, which consist of 40% single pier and 50% three pier.
Most of the bridges in the sample (85%) were non-skew (skew angle ≤ 20◦), whereas the
model set had an equal distribution of non-skew (skew angle = 0◦) and skew (skew angle = 40◦)
bridges. This discrepency was introduced to ensure that a sufficient number of skew bridges were
incorporated in the model set to allow for comparisons between non-skew and skew bridges.
For the regular bridge models, two different wall height-to-length ratios (Λ) were incorporated.
Approximately 60% of the models were of “normal” height (Λ ≥ 0.35) and 40% were “short”
(Λ < 0.35), as oppossed to 78% and 22%, respectively, for the sampled bridges. All hammerhead
bridge models incorporated piers of a single height, (“normal”), as per the sampled bridges. In
Figures 7.4 and 7.5 “Normal” and “Short” refer to these different heights, and they are designated
in the abbreviations by n and s, repsectively.
The distribution of pile/foundation type within the hammerhead, regular, and combined model
sets matched the corresponding distributions within the sampled bridges. Similarly, the distribution
of bearing type/configuration within the hammerhead and combined model sets matched the corre-
sponding distributions within the sampled bridges. For the regular model set, however, there was a
minor discrepancy between these distributions, with the steel bearing configuration being overrep-
resented (72% for the model set versus 50% for the sampled bridges) and the elastomeric bearing
configuration being underrepresented (28% for the model set versus 50% for the sampled bridges).
This discrepancy is largely a result of assigning bearing configurations at the combined model set
level instead of at each bridge model category set level separately (notice how closely the bearing
type/configuration percentages match in the All Bridge Types column).
For each wall pier model set category, the embankment inclusion/exclusion distribution matches
the distribution found for the sampled wall pier bridges. For regular bridges the minor difference
between the model set distribution and the distribution within the sampled bridges is largely a result
of having a larger percentage of “short” wall pier bridges in the model set than were in the wall pier
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sample. The “short” wall pier bridge models never incorporate an embankment (as per the sampled
bridges) and therefore their over representation within the model set pushes down the percentage of
regular bridges incorporating embankments.
When it comes to the distribution of reinforcing steel ratios, some discrepancies do exist be-
tween the model sets and the sampled bridges at the individual reinforcing ratio level. These dis-
crepancies are largely a result of considering the reinforcing ratios in an aggregate sense when
assigning reinforcing ratios to the model set instead of considering the distribution of each ratio
separately. (Recall that all reinforcing ratios were assigned simultaneously as either low, average,
or high, and therefore a single bridge could not have both a wall pier with a high reinforcing ratio
and a footing/pile cap with either an average or low reinforcing ratio. This generally agreed with the
sampled bridges in which higher reinforcing ratios in one element was typically a good indicator
of higher reinforcing ratios in other elements.) Despite these individual reinforcing ratio category
discrepancies, when the reinforcing ratios are considered in an average sense the distribution of
these ratios within the combined, hammerhead, and regular model sets match relatively well the
distributions within the sampled bridges.
Fragility Model-Earthquake Nomenclature
Model-earthquake pairs resulting from the above model constructs and subsequent pairing with soil
profile ground motions can be designated with only minor modification to the model nomencla-
ture previously discussed for the pushover models (see Section 5.1.2). In a similar fashion as that
used for the pushover model nomenclature, at each level of the tree in Figures 7.4 and 7.5 is listed
the bridge model nomenclature used to identify the analysis model and/or group. In addition to
the initial model and/or group naming methodology used for the pushover models, a pier height-
to-length ratio designator has been introduced following the pier number designator (in the third
character following the second). Here an n indicates piers with “normal” height-to-length ratios,
and an s indicates piers with “short” height-to-length ratios. For example, the designation H1nST
indicates a hammerhead pier supported bridge (H) with one pier (1) of “normal” height-to-length
ratio (n) that is skew oriented (S) and supported on timber piles (T). Following this initial model
and/or group designator, an underscore is given, followed by a three character sequence indicating
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Table 7.8: Average Demand COVs for the Various Wall Pier Bridge Categories
Category COV Category COV Category COV Category COV
* 1.10 *_**a_PILES 0.84 H***S 0.84 R2*N 1.11
*_PILES 1.12 *_**e_PILES 1.14 H***T 0.95 R2*S 1.04
*_1_PILES 1.15 H 0.96 H1 0.86 R2**C 0.84
*_2_PILES 0.89 H_PILES 0.95 H3 0.99 R2**S 0.97
*_3_PILES 0.96 H_FOOTING 1.11 R 1.23 R2**T 1.13
*_*s_PILES 1.05 H*nN 1.03 R2n 1.20
*_*e_PILES 1.06 H*nS 0.68 R2s 0.72
reinforcing ratio (1 character), bearing type/configuration (1 character), and embankment inclu-
sion/exclusion(1 character). Finally, another underscore is given, followed by the ground motion
designator (5 characters). For example, the designation R2nNS_3sa_M0205 indicates a regular
pier supported bridge (R) with two piers (2) of “normal” height-to-length ratio (n) that is non-skew
oriented (N) and supported on steel piles (S). This bridge has been assigned (_) average reinforcing
ratios (3), an all steel bearing configuration (s) and has only abutments, with no embankments (a).
Finally, paired with this bridge model (_) is a Memphis, Tennessee earthquake motion (M) that has
a 2% PE/50 (02) and is the fifth of the ten motions (05).
As was true with the pushover models, the fragility model nomenclature can also used to iden-
tify groups of model-earthquake pairs. For example the R2s category incorporates all regular pier
supported bridge model-earthquake pairs (R) with two piers (2) of “short” height-to-length ratio
(s). This group could also be designated as R2s**_***_*****, where * is a “wild-card” place-
holder. The trailing *’s will typically be dropped in cases similar to this, but they are useful when
designating groups of analytical models from different branches of the model tree. For example,
H3**T_***_***** (or, alternately, H3**T_*_*, or even just H3**T) can be used to indicate
all hammerhead pier supported bridge model-earthquake pairs with 3 piers and timber pile foun-
dations (regardless of pier height-to-length ratio, bridge skew, bridge reinforcing ratios, bearing
type/configuration, inclusion or exclusion of embankment, and/or earthquake designation).
Finally, it is sometimes convenient to designate all models that are either pile supported or
footing supported within certain wall pier bridge categories. To do this, the category designation is
appended with the designation _PILES or _FOOTING, respectively. This designation can typically
replace all of the reinforcing ratio, bearing type/configuration, inclusion or exclusion of embank-
174
ment, and ground motion designators. For example, H3_PILES indicates all hammerhead pier
supported bridge model-earthquake pairs (H) with three piers (3) that are pile supported (_PILES).
Finally, it should be pointed out that in this study H***F, H_FOOTING, and *_FOOTING all des-
ignate the same group of bridges. This is a result of the fact that all of the footing supported wall
pier bridges are of the hammerhead type.
7.2.3 Analysis
Earthquake-Model Analysis and Component Demand
A nonlinear time-history analysis was performed for each model-earthquake pair using the gen-
eral purpose finite element program ABAQUS [33]. Using the procedure outlined in Section 6.4.2,
component demand parameters were determined for several sub-sets of models (i.e. all the pile sup-
ported models (*_PILES)) by simply excluding nonconforming model-earthquake pair analysis
results from the global set before initiating the procedure. Average demand COVs for each analy-
sis category are given in Table 7.8, with the individual component failure demand COVs for each
analysis category listed in Tables A.2 through A.6 (in Appendix A).
Fragility Curve Construction
To construct the individual wall pier category fragility curves, the following procedure was exe-
cuted.
1. Construct component fragility curves using the capacity and demand parameters already de-
fined/determined, per the procedure outlined earlier.
2. Use the first-order method to determine upper and lower bound system fragility curves from
the component fragility curves just produced and select the average of these two curves to
represent system fragility.
7.3 Fragility Analysis Results
Figure 7.6 shows the calculated fragility curves for the (all) combined (*) and pile supported com-
bined (*_PILES) wall pier bridge categories. Figure 7.7 shows similar fragility curves for the pile
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(a) All Bridges
(b) All Pile Supported Bridges (* PILES)
Figure 7.6: Wall Pier Bridge and Pile Supported Wall Pier Bridge Fragility Curves
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(a) Pile Supported Hammerhead (H PILES)
(b) All Footing Supported Bridges (H FOOTING)
Figure 7.7: Pile Supported and Footing Supported Hammerhead Wall Pier Bridge Fragility Curves
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Figure 7.8: Regular Wall Pier Bridge Fragility Curves
supported hammerhead (H_PILES) and footing supported hammerhead (H_FOOTING) categories.
Finally, Figure 7.8 shows these curves for the regular (R) wall pier bridge category.
To enable comparisons between different wall pier supported bridge categories, curve areas (the
area under the fragility curve between 0g and 2g) for each damage level and for a number of wall
pier supported bridge categories have been calculated. These categories, along with their associated
curve areas, are presented in Table 7.9. To complement this data, listed in ( ) next to each curve
area is a percentage. This percentage indicates the amount that the current curve area is above or
below the curve area for the same damage level in a comparison category. The comparison category
is indicated by the lower case Greek letter given in the Vs. column of the current row, and refers
to the Greek letter category designation given in the first column of the table. It should be noted
that positive percentages indicate curve areas above those of the comparison category, which in turn
indicates a higher vulnerability. Percentages listed in the % Avg. column are the average of the
slight/minor, moderate, extensive, and complete damage level ( ) percentages for that category. To
illustrate, consider the 1.43 extensive damage category curve area given for the hammerhead (H)
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Table 7.9: Curve Areas For Various Wall Pier Supported Bridge Categories
Category Models Slight/Minor Moderate Extensive Complete % Avg. Vs.
* 96 1.91 (4%) 1.61 (25%) 1.31 (33%) 0.87 (32%) 24% α
α→ *_PILES 84 1.84 ( 0 %) 1.29 (0%) 0.99 (0%) 0.65 (0%) 0% α
*_1_PILES 20 1.90 (3%) 1.37 (7%) 1.24 (25%) 1.10 (68%) 26% α
*_2_PILES 16 1.78 (-3%) 1.03 (-20%) 0.75 (-24%) 0.39 (-40%) -22% α
*_3_PILES 48 1.84 (0%) 1.36 (6%) 1.09 (10%) 0.80 (22%) 10% α
*_*s_PILES 58 1.84 (0%) 1.39 (8%) 0.97 (-2%) 0.61 (-6%) 0% α
*_*e_PILES 26 1.92 (4%) 1.28 (-1%) 1.03 (4%) 0.74 (14%) 5% α
*_**a_PILES 45 1.93 (5%) 1.19 (-8%) 1.03 (4%) 0.83 (26%) 7% α
*_**e_PILES 39 1.89 (3%) 1.51 (17%) 1.23 (24%) 0.86 (31%) 19% α
β → H 56 1.93 (5%) 1.70 (32%) 1.43 (44%) 1.01 (55%) 34% α
γ → H_PILES 44 1.90 (3%) 1.45 (13%) 1.12 (13%) 0.82 (25%) 14% α
H_FOOTING 12 1.90 (3%) 1.79 (39%) 1.60 (62%) 1.27 (94%) 50% α
H*nN 28 1.97 (2%) 1.72 (1%) 1.45 (1%) 1.01 (0%) 1% β
H*nS 28 1.88 (-3%) 1.67 (-2%) 1.37 (-4%) 0.94 (-7%) -4% β
H***F 12 1.90 (-2%) 1.79 (5%) 1.60 (12%) 1.27 (26%) 10% β
H***S 22 1.91 (-1%) 1.30 (-24%) 1.05 (-27%) 0.86 (-15%) -17% β
H***T 22 1.89 (-2%) 1.58 (-7%) 1.33 (-7%) 0.92 (-9%) -6% β
H1 28 1.92 (0%) 1.66 (-2%) 1.37 (-4%) 1.02 (0%) -2% β
H3 28 1.92 (0%) 1.66 (-2%) 1.35 (-5%) 0.88 (-13%) -5% β
ζ → R 40 1.73 (-6%) 1.22 (-5%) 0.70 (-29%) 0.32 (-51%) -23% α
R2n 24 1.86 (8%) 1.28 (5%) 0.92 (31%) 0.67 (108%) 38% ζ
R2s 16 1.35 (-22%) 1.08 (-11%) 0.35 (-50%) 0.11 (-66%) -37% ζ
R2*N 20 1.70 (-1%) 1.19 (-2%) 0.69 (-2%) 0.28 (-13%) -5% ζ
R2*S 20 1.74 (1%) 1.23 (1%) 0.74 (6%) 0.39 (20%) 7% ζ
R2**C 4 1.85 (7%) 1.70 (40%) 1.58 (125%) 1.44 (349%) 130% ζ
R2**S 18 1.70 (-2%) 1.04 (-15%) 0.70 (-1%) 0.31 (-5%) -6% ζ
R2**T 18 1.71 (-1%) 1.36 (12%) 0.92 (30%) 0.55 (72%) 28% ζ
( ) values indicate percentage that the given curve area is above or below the corresponding curve area in the row
indicated in the Vs. column.
category. Listed next to this value, given in ( ), is 44%. In the Vs. column for the H category, α
is listed, indicating that *_PILES is the comparison category. Therefore, 44% indicates that 1.43,
the extensive damage level curve area for the H category, is 44% larger (and therefore more likely
to suffer extensive damage) than the corresponding damage level 1.31 curve area for the *_PILES
category. Finally, the number of model-earthquake pairs that make up each category are listed in the
Models column. For example, 56 is listed in the Models column for the H category, indicating
that 56 model-earthquake pairs were used in the construction of the fragility curves for that category.
To complement the information conveyed by the curve areas and percentages in Table 7.9,
and to give a sense of the vulnerability across the entire potential range of PGAs, fragility curves
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Figure 7.9: Comparison of Pile Supported Combined, Pile Supported Hammerhead, Footing Sup-
ported Hammerhead, and Regular Fragility Curves
Figure 7.10: Comparison of Pile Supported Low, High, and Average Reinforcing Ratio Fragility
Curves
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Figure 7.11: Comparison of Pile Supported Steel and Elastomeric Bearing Fragility Curves
Figure 7.12: Comparison of Pile Supported With and Without Embankment Fragility Curves
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(a) Hammerhead Bridges
(b) Regular Bridges
Figure 7.13: Comparison of Non-Skew and Skew Hammerhead and Regular Fragility Curves
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(a) Hammerhead Bridges
(b) Regular Bridges
Figure 7.14: Comparison of Various Foundation Supported Hammerhead and Pile Supported Reg-
ular Fragility Curves
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Figure 7.15: Comparison of One and Three Pier Hammerhead Fragility Curves
Figure 7.16: Comparison of Normal Height and Short Regular Fragility Curves
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for these comparison categories are presented in Figures 7.9 through 7.16. Figure 7.9 presents
slight/minor, moderate, extensive, and complete damage level curves for the *_PILES, H_PILES,
H_FOOTING, and R categories, illustrating the effect of pier type on the fragility of wall pier
supported bridges. Figure 7.10 presents these damage level fragility curves for the *_PILES,
*_1_PILES, *_2_PILES, and *_3_PILES categories, illustrating the effect of reinforcing ratio
on the fragility of wall pier supported bridges. Figure 7.11 presents these curves for the *_PILES,
*_*s_PILES, and *_*e_PILES categories, illustrating the effect of bearing type/configuration
on wall pier supported bridge fragility. Figure 7.12 presents these curves for the *_PILES, *_**a_
PILES, and *_**e_PILES categories, illustrating the effect of the inclusion or exclusion of em-
bankments on wall pier supported bridge fragility. Figure 7.13 presents these curves for the H,
H*nN, and H*nS categories, and for the R, R2*N, and R2*S categories, illustrating the effect of
skew angle on the fragility of hammerhead and regular wall pier supported bridges. Figure 7.14
presents these curves for the H, H***F, H***S, and H***T categories, and for the R, R2**C,
R2**S, and R2**T categories, illustrating the effect of pile/foundation type on the fragility of
hammerhead and regular wall pier supported bridges. Figure 7.15 presents these curves for the H,
H1, and H3 categories, illustrating the effect of the number of piers on the fragility of hammer-
head wall pier supported bridges. Finally, Figure 7.16 presents these curves for the R, R2n, and
R2s categories, illustrating the effect of pier height on the fragility of regular wall pier supported
bridges.
Each averaged structural fragility curve is calculated using the fragilities of many structural
components (see Section 6.4.4 for a discussion of how this is done). Tables 7.11 through 7.13 list for
each wall pier bridge category and each damage level the top four component failures contributing
to the system fragility. Definition of the failure measure abbreviations used are given in Table 7.10.
Listed in ( ) along side each component failure abbreviation is the 0g to 2g curve area percentage
(area under component fragility curve between 0g and 2g divided by the total possible area of 2,
expressed as a percentage). Higher percentages indicate more vulnerable components, with lower
percentages indicating less vulnerable components. For example, a component with a curve area
percentage of 100% indicates a component that has a 100% probability of reaching or exceeding
that particular damage state over the entire 0g to 2g PGA range, whereas a component with nearly a
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Table 7.10: Definition of Component Failure Measure Abbreviations
Failure Category Abbr. Failure Category Abbr.
Wall Ductility (Strong Direction) WALL 1 WD1s Wall Ductility (Weak Direction) WALL 1 WD1w
Wall Ductility (Strong Direction) WALL 2 WD2s Wall Ductility (Weak Direction) WALL 2 WD2w
Wall Ductility (Strong Direction) WALL 3 WD3s Wall Ductility (Weak Direction) WALL 3 WD3w
Wall Bearing (Transv.) WALL 1 WB1t Wall Bearing (Longit.) WALL 1 WB1l
Wall Bearing (Transv.) WALL 2 WB2t Wall Bearing (Longit.) WALL 2 WB2l
Wall Bearing (Transv.) WALL 3 WB3t Wall Bearing (Longit.) WALL 3 WB3l
Wall Shear WALL 1 WS1 Wall Bending WALL 1 WBend1
Wall Shear WALL 2 WS2 Wall Bending WALL 2 WBend2
Wall Shear WALL 3 WS3 Wall Bending WALL 3 WBend3
Wall Concrete Cracking WALL 1 WCra1 Wall Concrete Crushing WALL 1 WCru1
Wall Concrete Cracking WALL 2 WCra2 Wall Concrete Crushing WALL 2 WCru2
Wall Concrete Cracking WALL 3 WCra3 Wall Concrete Crushing WALL 3 WCru3
Wall Steel Yield WALL 1 WSY1
Wall Steel Yield WALL 2 WSY2
Wall Steel Yield WALL 3 WSY3
Pier Seat (Transv.) WALL 1 S1t Pier Seat (Longit.) WALL 1 S1l
Pier Seat (Transv.) WALL 2 S2t Pier Seat (Longit.) WALL 2 S2l
Pier Seat (Transv.) WALL 3 S3t Pier Seat (Longit.) WALL 3 S3l
Abutment Seat (Transv.) ASt Abutment Seat (Longit.) ASl
Abutment Bearing (Transv.) ABt Abutment Bearing (Longit.) ABl
Abutment Displacement (Transv.) ADt Abutment Displacement (Longit.) ADl
Footing/Pile Cap Conc. Cracking WALL 1 FCra1 Footing/Pile Cap Conc. Crushing WALL 1 FCru1
Footing/Pile Cap Conc. Cracking WALL 2 FCra2 Footing/Pile Cap Conc. Crushing WALL 2 FCru2
Footing/Pile Cap Conc. Cracking WALL 3 FCra3 Footing/Pile Cap Conc. Crushing WALL 3 FCru3
Footing/Pile Cap Pos. Flexure WALL 1 FP1 Footing/Pile Cap Neg. Flexure WALL 1 FN1
Footing/Pile Cap Pos. Flexure WALL 2 FP2 Footing/Pile Cap Neg. Flexure WALL 2 FN2
Footing/Pile Cap Pos. Flexure WALL 3 FP3 Footing/Pile Cap Neg. Flexure WALL 3 FN3
Footing/Pile Cap Steel Yield WALL 1 FSY1 Footing/Pile Cap Shear WALL 1 FS1
Footing/Pile Cap Steel Yield WALL 2 FSY2 Footing/Pile Cap Shear WALL 2 FS2
Footing/Pile Cap Steel Yield WALL 3 FSY3 Footing/Pile Cap Shear WALL 3 FS3
Pile Pullout WALL 1 PP1 Pile Compression WALL 1 PC1
Pile Pullout WALL 2 PP2 Pile Compression WALL 2 PC2
Pile Pullout WALL 3 PP3 Pile Compression WALL 3 PC3
Pile Yield WALL 1 PY1 Pile Shear WALL 1 PS1
Pile Yield WALL 2 PY2 Pile Shear WALL 2 PS2
Pile Yield WALL 3 PY3 Pile Shear WALL 3 PS3
Wall Overturning WALL 1 WO1
Wall Overturning WALL 2 WO2
Wall Overturning WALL 3 WO3
0% curve area percentage has either a very low probability of reaching or exceeding that particular
damage state over the entire 0g to 2g PGA range, or only a high probability over a small range of
PGAs at the upper end of the PGA spectrum.
Table 7.11 lists for each combined category (all categories beginning with *) and each damage
level the top four component failures contributing to the system fragility. Table 7.12 lists for each
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Table 7.11: Component Contributions to Combined Structural Fragility
Category First Second Third Fourth
*
Slight/Minor WO3 (87.7%) FCra3 (86.8%) FCra2 (75.4%) WO2 (72.1%)
Moderate WO3 (63.5%) WBend3 (51.7%) WO2 (51.5%) WO1 (51.1%)
Extensive WBend3 (38.7%) WO3 (36.7%) WO1 (33.9%) WO2 (33.7%)
Complete FS3 (21.0%) WBend3 (18.7%) WBend2 (15.4%) WO1 (13.0%)
*_PILES
Slight/Minor FCra3 (87.8%) FCra2 (87.7%) FCra1 (73.8%) ADt (51.4%)
Moderate WBend3 (45.5%) ABt (40.1%) ADt (32.4%) FS3 (25.4%)
Extensive WBend3 (31.9%) FS3 (21.9%) WBend2 (19.6%) ADt (16.2%)
Complete FS3 (17.5%) WBend3 (13.1%) WBend2 (12.7%) WBend1 (7.2%)
*_1_PILES
Slight/Minor FCra2 (92.1%) FCra3 (86.0%) FCra1 (75.5%) ADt (60.6%)
Moderate WBend3 (46.1%) FP3 (45.6%) ADt (41.6%) FP2 (29.8%)
Extensive FP3 (41.9%) WBend3 (33.9%) FP2 (26.2%) ADt (22.5%)
Complete FP3 (37.0%) FP2 (21.6%) WBend3 (16.3%) WBend1 (14.7%)
*_2_PILES
Slight/Minor FCra3 (83.7%) FCra2 (79.6%) FCra1 (66.7%) WCra3 (36.0%)
Moderate WBend3 (23.4%) FS3 (19.9%) WSY3 (19.4%) ABt (18.3%)
Extensive WSY3 (17.4%) FS3 (16.8%) WSY1 (15.6%) WBend3 (11.0%)
Complete FS3 (13.2%) WBend1 (3.5%) FS2 (3.1%) WSY1 (3.0%)
*_3_PILES
Slight/Minor FCra3 (89.4%) FCra2 (87.2%) FCra1 (75.8%) WCra3 (56.6%)
Moderate WBend3 (53.0%) ABt (48.9%) ADt (37.0%) FS3 (33.4%)
Extensive WBend3 (39.7%) FS3 (29.4%) WBend2 (27.6%) ADt (20.9%)
Complete FS3 (24.3%) WBend2 (20.1%) WBend3 (18.6%) WBend1 (7.7%)
*_*s_PILES
Slight/Minor FCra3 (87.3%) FCra2 (87.2%) FCra1 (69.7%) ABt (57.7%)
Moderate ABt (55.2%) WBend3 (44.1%) ADt (23.5%) FS3 (22.5%)
Extensive WBend3 (29.6%) FS3 (19.2%) WBend2 (16.0%) ADt (9.7%)
Complete FS3 (15.1%) WBend3 (10.7%) WBend2 (10.4%) FS2 (6.2%)
*_*e_PILES
Slight/Minor FCra2 (92.7%) FCra3 (88.5%) FCra1 (79.6%) ADt (64.1%)
Moderate WBend3 (46.6%) ADt (46.0%) WB2t (38.5%) WB1t (36.2%)
Extensive WBend3 (34.7%) ADt (26.9%) FS3 (26.3%) WBend1 (19.5%)
Complete FS3 (21.4%) WBend3 (17.0%) WBend1 (13.5%) FP3 (7.2%)
*_**a_PILES
Slight/Minor FCra2 (95.7%) FCra3 (82.9%) FCra1 (62.8%) ADt (44.4%)
Moderate FP2 (41.9%) WBend3 (34.7%) ABt (28.3%) ADt (23.5%)
Extensive FP2 (39.0%) WBend3 (22.3%) FS3 (18.6%) WSY3 (9.2%)
Complete FP2 (35.0%) FS3 (14.5%) WBend3 (7.7%) WBend1 (3.9%)
*_**e_PILES
Slight/Minor FCra3 (92.5%) FCra1 (87.4%) FCra2 (86.7%) WBend3 (65.6%)
Moderate WBend3 (62.3%) ABt (52.3%) ADt (43.2%) FS3 (31.0%)
Extensive WBend3 (47.9%) FS3 (27.3%) ADt (26.4%) WBend2 (21.6%)
Complete FS3 (22.6%) WBend3 (21.8%) WBend2 (14.5%) WBend1 (13.1%)
( ) values indicate percentage of total possible area between 0 and 2 PGA under component fragility curve
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Table 7.12: Component Contributions to Hammerhead Structural Fragility
Category First Second Third Fourth
H
Slight/Minor FCra3 (91.0%) WO3 (87.7%) FCra1 (77.0%) FCra2 (75.4%)
Moderate WBend3 (65.1%) WO3 (63.5%) WO2 (51.5%) WO1 (51.1%)
Extensive WBend3 (50.8%) FS3 (37.0%) WO3 (36.7%) WO1 (33.9%)
Complete FS3 (32.0%) WBend3 (23.7%) WBend2 (15.4%) WBend1 (15.3%)
H_PILES
Slight/Minor FCra3 (93.6%) FCra2 (87.7%) FCra1 (87.6%) WBend3 (63.2%)
Moderate WBend3 (59.3%) FS3 (37.6%) ABt (33.7%) ADt (31.0%)
Extensive WBend3 (42.2%) FS3 (33.9%) WBend2 (19.6%) WBend1 (19.2%)
Complete FS3 (29.1%) WBend3 (14.7%) WBend2 (12.7%) WBend1 (12.4%)
H_FOOTING or H***F
Slight/Minor WO3 (87.7%) FCra3 (83.1%) WBend3 (81.8%) WO2 (72.1%)
Moderate WBend3 (79.7%) WO3 (63.5%) FP3 (54.1%) WO2 (51.5%)
Extensive WBend3 (69.1%) FP3 (51.0%) FS3 (44.3%) WO3 (36.7%)
Complete FP3 (46.7%) WBend3 (42.4%) FS3 (38.6%) WBend1 (25.0%)
H*nN
Slight/Minor FCra3 (96.0%) WO2 (89.9%) WO1 (89.9%) WO3 (89.8%)
Moderate WO2 (67.0%) WO1 (67.0%) WO3 (65.8%) WBend3 (60.6%)
Extensive WBend3 (46.1%) WO2 (40.2%) WO1 (40.2%) FS3 (38.8%)
Complete FS3 (33.5%) WBend3 (21.6%) FP3 (12.9%) WO1 (8.9%)
H*nS
Slight/Minor FCra3 (86.2%) WO3 (85.5%) FCra1 (72.5%) WBend3 (72.3%)
Moderate WBend3 (69.5%) WO3 (61.9%) WO1 (56.8%) WO2 (56.8%)
Extensive WBend3 (56.0%) WO1 (47.5%) WO2 (46.9%) FS3 (40.7%)
Complete FS3 (35.7%) WO1 (29.6%) WO2 (28.2%) WBend3 (26.4%)
H***S
Slight/Minor FCra3 (94.4%) FCra2 (84.8%) FCra1 (84.6%) WCra3 (59.5%)
Moderate WBend3 (47.5%) FS3 (40.8%) ADt (28.7%) WBend2 (24.6%)
Extensive FS3 (37.2%) WBend3 (28.8%) WBend2 (20.0%) WBend1 (19.7%)
Complete FS3 (32.6%) WBend2 (13.5%) WBend1 (13.2%) WBend3 (7.1%)
H***T
Slight/Minor FCra3 (93.1%) FCra2 (89.0%) FCra1 (89.0%) WBend3 (72.7%)
Moderate WBend3 (70.2%) WB2t (54.7%) WB1t (54.0%) ABt (51.4%)
Extensive WBend3 (58.6%) FS3 (25.4%) WBend2 (24.3%) WBend1 (23.9%)
Complete WBend3 (31.0%) FS3 (20.6%) WBend2 (16.3%) WBend1 (15.9%)
H1
Slight/Minor FCra3 (92.0%) WO3 (89.2%) WBend3 (69.5%) WCra3 (64.6%)
Moderate WBend3 (66.9%) WO3 (66.3%) FS3 (50.9%) ABt (40.4%)
Extensive WBend3 (54.8%) FS3 (47.2%) WO3 (39.2%) FP3 (18.6%)
Complete FS3 (42.1%) WBend3 (29.7%) FP3 (14.9%) WO3 (8.2%)
H3
Slight/Minor FCra3 (89.6%) WO3 (85.9%) FCra1 (77.0%) FCra2 (75.4%)
Moderate WBend3 (61.6%) WO3 (60.4%) WO2 (51.5%) WO1 (51.1%)
Extensive WBend3 (43.7%) WO3 (34.2%) WO1 (33.9%) WO2 (33.7%)
Complete FS3 (22.2%) WBend3 (15.6%) WBend2 (15.4%) WBend1 (15.3%)
( ) values indicate percentage of total possible area between 0 and 2 PGA under component fragility curve
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Table 7.13: Component Contributions to Regular Structural Fragility
Category First Second Third Fourth
R
Slight/Minor FCra3 (80.1%) FCra1 (66.4%) ADt (49.8%) ABt (46.5%)
Moderate ABt (44.0%) ADt (31.8%) WBend3 (28.7%) WB3l (23.0%)
Extensive WBend3 (17.6%) ADt (16.4%) FS3 (8.6%) FP3 (8.1%)
Complete FS3 (5.8%) WBend3 (5.6%) FP3 (5.6%) WBend1 (4.0%)
R2n
Slight/Minor FCra3 (90.8%) FCra1 (87.2%) ADt (52.4%) WBend3 (48.8%)
Moderate ABt (44.7%) WBend3 (44.5%) ADt (33.9%) FP3 (28.5%)
Extensive WBend3 (27.9%) FP3 (24.4%) FS3 (23.6%) ADt (17.9%)
Complete FP3 (19.4%) FS3 (18.2%) WBend3 (7.9%) FP1 (6.9%)
R2s
Slight/Minor FCra3 (56.9%) ABt (46.9%) ADt (45.6%) WB3l (33.2%)
Moderate ABt (44.3%) ADt (28.0%) WB3l (22.1%) WB1t (21.7%)
Extensive ADt (13.8%) WBend1 (3.5%) WD1w (1.5%) WS1 (1.3%)
Complete ADt (2.6%) WBend1 (1.9%) WS1 (1.2%) WB1t (1.0%)
R2*N
Slight/Minor FCra3 (78.3%) FCra1 (51.5%) ADt (44.8%) ABt (43.4%)
Moderate ABt (41.1%) ADt (28.3%) WBend3 (21.6%) WB1t (17.1%)
Extensive ADt (14.8%) WSY3 (11.9%) WBend3 (11.4%) WSY1 (9.1%)
Complete FP3 (6.2%) FS3 (3.7%) ADt (3.4%) WS1 (3.0%)
R2*S
Slight/Minor FCra3 (81.7%) FCra1 (77.5%) ADt (55.4%) ABt (49.4%)
Moderate ABt (46.6%) WBend3 (34.8%) ADt (34.5%) WB3l (32.6%)
Extensive WBend3 (23.4%) ADt (16.3%) FS3 (12.4%) WBend1 (8.2%)
Complete WBend3 (9.3%) FS3 (8.7%) FP3 (5.2%) FS1 (3.8%)
R2**C
Slight/Minor FCra3 (91.3%) FCra1 (91.1%) ADt (84.6%) ABt (81.4%)
Moderate ADt (80.8%) ABt (80.5%) FS3 (68.5%) FS1 (68.3%)
Extensive ADt (76.1%) FS3 (65.8%) FS1 (65.7%) ASt (61.7%)
Complete ADt (66.5%) FS3 (61.9%) FS1 (61.7%) ASt (61.2%)
R2**S
Slight/Minor FCra3 (78.5%) FCra1 (62.3%) ADt (46.7%) ABt (31.2%)
Moderate ADt (30.7%) ABt (28.5%) WB1t (19.6%) FS3 (15.7%)
Extensive ADt (16.7%) WSY3 (12.7%) FS3 (12.5%) WSY1 (10.8%)
Complete FS3 (8.9%) ADt (3.9%) WBend1 (2.7%) FP3 (2.3%)
R2**T
Slight/Minor FCra3 (79.8%) FCra1 (65.8%) ABt (60.2%) WB3l (57.9%)
Moderate ABt (58.0%) WBend3 (46.8%) WB3l (46.1%) WB1l (44.9%)
Extensive WBend3 (33.5%) ADl (18.6%) FP3 (13.9%) FP1 (12.4%)
Complete WBend3 (14.2%) FP3 (10.3%) FP1 (9.0%) S1l (6.8%)
( ) values indicate percentage of total possible area between 0 and 2 PGA under component fragility curve
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hammerhead category (H*) and each damage level the top four component failures contributing to
the system fragility. Finally, Table 7.13 lists for each regular category (R*) and each damage level
the top four component failures contributing to the system fragility.
7.4 Discussion of Fragility Analysis Results
To provide context for the following discussion, it will be of benefit to review some of the bridge
population statistics described in Chapter 2. Recall that the total number of bridges on or crossing
over southern Illinois priority emergency routes is 595. From the random sample, it was determined
that multi-column pier supported and wall pier supported bridges make up approximately 86% of
those bridges, or about 512 of the 595 bridges. It was also determined that multi-column pier
supported bridges make up 58% of the total, or about 345 bridges, and that wall pier supported
bridges make up about 28% of the total, or about 167 bridges. Within the wall pier bridge category,
the hammerhead and regular wall pier bridges make up about 92% of the total, or about 154 of the
167 bridges (with each type making up about 46% of the total, or about 77 bridges each). Most
of the wall pier bridges are pile supported; however, about 15% of the wall pier bridges, or about
25 bridges, utilize a pile-free foundation system (with the remaining 129 hammerhead or regular
wall pier bridges being pile supported). All of the footing supported bridges have hammerhead
wall piers; therefore the number of pile supported hammerhead bridges is approximately 52. In
summary, then, wall pier bridges make up about one-quarter of the total number of bridges on or
crossing over southern Illinois priority emergency routes, with hammerhead and regular wall pier
bridges each comprising about one-eighth of the total.
It will also be beneficial here to introduce some general information about the seismic threat
within southern Illinois. Figure 7.17 shows the USGS B-C boundary site class earthquake hazard
maps (PGA with 2% PE/50 and PGA with 10% PE/50) for southern Illinois, and Table 7.14 gives
specific B-C boundary site class PGA values for several cities located in or around that same region
[26, 27]. From Figure 7.17 it is clear that the seismic threat is significantly elevated in the extreme
southern tip of the state for both the 2% PE/50 and 10% PE/50 events. This fact is further demon-
strated by comparing the average 10% PE/50 PGA of 0.2g and the average 2% PE/50 PGA of 0.75g
for the seven southern Illinois and vicinity cities listed in Table 7.14 to the 10% PE/50 PGA of
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0.45g and the 2% PE/50 PGA of 1.76g for just Cairo, Illinois (located in the extreme southern tip of
the state). Aside from this severe geographic bias, another important attribute of the seismic threat
within the NMSZ is the relatively large difference between the 2% PE/50 PGA values and the 10%
PE/50 PGA values. This is in contrast to more widely recognized seismic regions, such as those
in California, where the ratio of the two is much smaller. For example, in southern Illinois the 2%
PE/50 PGA values range from 2.7 to 3.9 times those of the corresponding 10% PE/50 PGA values,
whereas for both San Francisco and Los Angeles, California, the 2% PE/50 PGA values are only 1.7
times their 10% PE/50 counterparts. Therefore, unlike seismic regions in California, the amount of
damage resulting from these two different probability of exceedance events could potentially vary
greatly, with the 10% PE/50 event damage being minimal and the 2% PE/50 event damage being
extensive.
In the following discussion, comparisons will be made between the multi-column pier supported
bridge findings of Zhong [75] and the results of this current study, to provide further context to any
findings made here. An exact comparison is difficult to make due to the presentation of fragilities
by Zhong in the form of 2% and 10% PE/50 probabilities, instead of as continuous probability
curves over a range of PGAs (as they are presented here). To facilitate these comparisons, it will
first be assumed that the “Major” damage category in Zhong’s research corresponds to this project’s
“Extensive” damage cateogry. Also for purposes of comparison, a PGA of 0.15g will be selected
as the PGA that represents, in an average sense, a 10% PE/50 earthquake event in southern Illinois,
and a PGA of 0.4g will be selected to represent the 2% PE/50 earthquake event. These values are
based on an average of the PGAs reported by Zhong as having been used to determine her 2% and
10% PE/50 probabilities. With these assumptions, failure probabilities for the wall pier supported
bridges that correspond with those presented by Zhong for the multi-column pier supported bridges
can be found, and appropriate direct comparisons may be made.
Finally, before continuing it should again be pointed out that Zhong focused almost exclusively
on the in-plane response of single pier and pile foundation systems. The effects of pier out-of-
plane bending, pier interaction with supporting elements other than the foundation (for example,
the superstructure, other piers, abutments, and/or embankments), and three-dimensional response
were either neglected, or accounted for through indirect means. The results of her project are
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(a) 2% PE/50
(b) 10% PE/50
Figure 7.17: Southern Illinois B-C Boundary Site Class PGA With Either 2% or 10% Probability
of Exceedance in 50 Years
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Table 7.14: PGA and 1.0 Second Period Spectral Acceleration Values Reported by USGS (B-C
Boundary Site Class) for Several Cities [26, 27]
City State Latitude Longitude 10% PE/50 PGA 2% PE/50 PGA 2% PE/50 PGA
10% PE/50 PGA
Effingham Illinois 39.12 N 88.55 W 0.09g (0.05g) 0.26g (0.15g) 2.9
East St. Louis Illinois 38.59 N 90.12 W 0.11g (0.06g) 0.32g (0.17g) 2.7
Mt. Vernon Illinois 38.32 N 88.86 W 0.16g (0.07g) 0.44g (0.23g) 2.8
Carbondale Illinois 37.73 N 89.22 W 0.20g (0.09g) 0.56g (0.29g) 2.8
Marion Illinois 37.75 N 89.00 W 0.21g (0.09g) 0.59g (0.31g) 2.8
Cairo Illinois 37.07 N 89.22 W 0.45g (0.17g) 1.76g (1.28g) 3.9
Paducah Kentucky 37.07 N 88.77 W 0.35g (0.13g) 1.30g (0.67g) 3.7
San Francisco California 37.62 N 122.38 W 0.64g (0.67g) 1.08g (1.39g) 1.7
Los Angeles California 33.93 N 118.40 W 0.40g (0.35g) 0.67g (0.62g) 1.7
Chicago Illinois 41.90 N 87.65 W 0.02g (0.02g) 0.08g (0.06g) 4.0
Champaign/Urbana Illinois 40.03 N 88.28 W 0.04g (0.04g) 0.11g (0.10g) 2.8
Values listed in ( ) to the right of each PGA are the 1.0 second period spectral acceleration (Sa [1.0 sec]) correspond-
ing to an earthquake with that probability of exceedance for that city.
similar in nature to those presented here, but the methodologies and levels of complexity employed
to arrive at those results differ significantly; therefore care should be exercised before drawing hard
fast conclusions between the vulnerabilities of the wall pier and multi-column pier supported bridge
structures in southern Illinois.
7.4.1 Overall Wall Pier Supported Bridge Fragility
When all wall pier bridge types are considered together, the above described fragility analysis sug-
gests that wall pier supported bridges on southern Illinois priority emergency routes are slightly
less vulnerable than their multi-column pier supported counterparts for 2% PE/50 events, but more
vulnerable for 10% PE/50 events. Figure 7.6a indicates that, for a PGA of 0.15g, the * category
bridges have an 89%, 62%, 34%, and 7% probability of reaching or exceeding the slight/minor,
moderate, extensive, and complete damage levels, respectively. This means that for the more prob-
able earthquake, as many 52 of the hammerhead or regular wall pier bridges in southern Illinois
would experience extensive damage (and about 11 complete damage). This is in contrast to only
minor damage reported by Zhong for the multi-column pier supported bridges for this size of event.
For the larger PGA of 0.4g, the probabilities become 93%, 76%, 53%, and 20%, pushing the number
of bridges to about 82 and 31 that would experience extensive and complete damage, respectively.
For this size of event, the probability of reaching or exceeding the extensive damage level (major
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damage in Zhong’s study) for the multi-column pier supported bridges was reported as 61% (or 210
multi-column bridges), indicating that the wall pier supported bridges have an extensive damage
level probability about 8 percentage points below that of the multi-column pier supported bridges.
For the * category, Table 7.11 indicates that WO failures were the dominant component fail-
ure contributing to these wall pier fragilities. In fact, WO failures make up 56% of the top four
slight/minor, moderate, extensive, and complete damage level contributing component failures. For
the moderate, extensive, and complete damage levels, WBend and FS failures in the fixed bearing
pier also contributed heavily. At the slight/minor damage level, FCra failures contributed the most.
Due to the large role the WO failures play in the * category fragility, and because WO failures
are only possible in the footing supported structures (which make up just 15% of the total south-
ern Illinois bridge population), it is reasonable to suspect that this small group of bridges may be
artificially elevating the combined category fragility. To provide an idea of what the wall pier sup-
ported bridge fragility would be without the influence of this relatively small group of bridges, the
fragilities for only the pile supported bridges will be discussed next.
Comparison of Figure 7.6b with Figure 7.6a demonstrates a clear reduction in the overall vulner-
ability of the *_PILES category bridges below that of the * category bridges. The 0.15g probabil-
ities for the *_PILES category are 68%, 13%, 6%, and 3%, which are on average 26 points below
those of the * category. Again, this is in comparison to only minor damage for the multi-column
pier supported bridges at this earthquake magnitude. The larger 0.4g earthquake probabilities are
92%, 42%, 21%, and 10%, representing percentages that are on average 19 points below those of
the * category. This 21% extensive damage probability is in comparison to the 61% (or about 210
bridges) for the multi-column pier supported bridges. Based on the 10% PE/50 probabilities, about
8 and only about 4 of the pile supported wall pier bridges in southern Illinois would be expected
to experience extensive or complete damage, respectively. In a larger 2% PE/50 earthquake, ap-
proximately 27 and 13 of the wall pier bridges would be expected to experience these two damage
levels, respectively. Based on these numbers, pile supported wall pier bridges are significantly less
vulnerable than their multi-column counterparts for the larger magnitude earthquake.
Table 7.11 indicates that for the *_PILES category, WBend component failures were the most
prevalent contributing failure to overall system fragility. However, in contrast to the WO failures
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in the * category, the WBend failures for the *_PILES category were less pervasive. Here the
WBend failures made up only 38% of the failures, compared to 56% for the WO failures in the *
category. In addition to the WBend failures, AB, AD, and FS failures also significantly contributed
to the system fragility at the moderate, extensive, and complete damage levels. Finally, as was true
for the * category, the slight/minor vulnerability was largely a result of cracking in the footing/pile
cap concrete (FCra).
7.4.2 Discussion by Major Category
As illustrated in the overall wall pier fragility discussion above, the inclusion of a single highly
vulnerable bridge type in the group of bridges used to determine a category’s fragility can signif-
icantly increase the fragility of that category. Therefore, some care should be exercised in how
fragility results are presented and used. For this reason, three major categories representing wall
pier supported bridges have been selected to present the wall pier supported bridge fragility results
from this project. It is felt that the organization of the results in this manner represents the most
efficient format for the eventual application of this material to the analysis of the southern Illinois
priority emergency transportation network. These major categories result from a division first by
wall pier bridge type and then, in the case of hammerhead bridges, by foundation type. The first
major category represents pile supported hammerhead bridges (H_PILES), the second major cat-
egory represents footing supported hammerhead bridges (H_FOOTING or H***F), and the third
represents regular wall pier bridges (R).
H PILES Category
Pile supported hammerhead wall pier bridges (H_PILES) make up approximately 9% (about 52
bridges) of the total southern Illinois priority emergency route bridge population. Figure 7.7a in-
dicates that these bridges are vulnerable, with 0.15g probabilities of 83%, 20%, 6%, and 3% (of
reaching or exceeding the slight/minor, moderate, extensive, and complete damage level, respec-
tively), and 0.4g probabilities of 99%, 46%, 21%, and 12%. This suggests that approximately 3
pile supported hammerhead bridges would experience extensive or greater amounts of damage in a
smaller 10% PE/50 earthquake, and that as many as 11 pile supported hammerhead bridges would
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experience that amount of damage in a larger 2% PE/50 earthquake.
Table 7.12 indicates that WBend and FS failures were the component failures contributing the
most to the H_PILES system fragilities, particularly so at the extensive and complete damage
levels. At the slight/minor damage level, cracking in the footing/pile cap concrete was the dominant
component failure. At the moderate and extensive damage levels, WBend failures in the fixed
bearing pier dominated, with the moderate and extensive damage level WBend3 failures having
curve area percentages 22 and 8 points above those of the second largest contributing failures, FS3,
respectively. At the complete damage level, FS failures in the fixed bearing pier were by far the
largest contributors to the system fragility, with a curve area percentage 14 points above the second
largest component failure contributor, WBend3.
H FOOTING Category
Footing supported hammerhead wall pier bridges (H_FOOTING) make up only about 4% (approxi-
mately 25 bridges) of the total southern Illinois priority emergency route bridge population. Figure
7.7b indicates that these bridges are highly vulnerable, with 0.15g probabilities of 88%, 63%, 33%,
and 7%, and 0.4g probabilities of 92%, 80%, 60%, and 25%. On average, each of these sets of prob-
abilities are 20 points above the already somewhat high probabilities of the H_PILES category. The
probabilities for this category suggest that approximately 8 footing supported hammerhead bridges
would experience extensive or greater amounts of damage in the smaller 10% PE/50 earthquake,
and that approximately 15 of the footing supported hammerhead bridges would experience that
amount of damage in the larger 2% PE/50 earthquake.
Table 7.12 indicates that WO, WBend, FP, and FS failures were the component failures con-
tributing the most to the H_FOOTING system fragilities. At the slight/minor damage level, WO,
FCra, and WBend failures associated with the fixed bearing pier were the dominant component
failures. At the moderate and extensive damage levels, WBend failures in the fixed bearing pier
dominated, with curve area percentages 16 and 18 points above those of the fixed bearing pier WO
and FP failures, respectively. At the complete damage level, FP, WBend, and FS failures in the
fixed bearing pier all contributed significantly to the system fragility.
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R Category
Regular wall pier bridges (R) make up about 13% (approximately 77 bridges) of the total southern
Illinois priority emergency route bridge population. Figure 7.8 indicates that these bridges are
relatively invulnerable, with 0.15g probabilities of 43%, 10%, 7%, and 1%, and 0.4g probabilities
of 80%, 32%, 14%, and 4%. On average, these probabilities are 13 and 12 points, respectively,
below the probabilities of the H_PILES category, and 33 and 32 points, respectively, below the
probabilities of the H_FOOTING category. The probabilities for this category suggest that only
about 5 regular bridges would experience extensive or greater amounts of damage in the smaller
10% PE/50 earthquake, and that about 11 regular bridges would experience that amount of damage
in the larger 2% PE/50 earthquake.
Table 7.13 indicates that, as was true for the H_PILES and H_FOOTING categories, WBend
and FS failures were component failures contributing greatly to the R system fragilities. In contrast
to those categories, however, these component failures had significantly reduced vulnerabilities. In
addition, other component failures, such as AB and AD failures, contributed. At the slight/minor
damage level, cracking of the concrete in the footing/pile cap of the fixed bearing pier was the
dominant component failure contributing to the system fragility. At the moderate damage level, AB
failures dominated. At the extensive damage level, both WBend failures in the fixed bearing pier and
AD failures contributed heavily. In contrast to the WBend component fragility in both the H_PILES
and H_FOOTING categories, this WBend component fragility is significantly reduced, having a
curve area of only 17.6% in comparison to 42.2% and 69.1% for the H_PILES and H_FOOTING
categories, respectively. Finally, at the complete damage level FS, WBend, and FP failures in the
fixed bearing pier all contributed equally to the R system fragility.
Wall Pier Fragility Based on Wall Pier Major Category Results
Based on the results of each major wall pier category, a total of about 37 hammerhead or regular
wall pier bridges (11 H_PILES bridges, 15 H_FOOTING bridges, and 11 R bridges) would be
expected to experience at least extensive damage in a 2% PE/50 event. This represents about 24%
of the wall pier bridges on southern Illinois priority emergency routes. This is in contrast to the
53% predicted by the * category fragility curves discussed first. This also stands in stark contrast to
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the 61% probability reported by Zhong for the multi-column pier supported bridges. Based on this,
it is clear that multi-column pier supported bridges on or crossing over southern Illinois priority
routes are significantly more vulnerable (approximately 37 percentage points more) than wall pier
supported bridges to earthquakes with a 2% PE/50.
Zhong also reported that, for a smaller 10% PE/50 year event, multi-column pier bridges would
likely only experince minor damage. The results presented here for the wall pier supported bridges
indicate that, even for this smaller earthquake, approximately 16 hammerhead or regular wall pier
bridges (3 H_PILES bridges, 8 H_FOOTING bridges, and 5 R bridges) would be expected to expe-
rience at least extensive damage in a 10% PE/50 event. This represents about 10% of the wall pier
bridges on southern Illinois priority emergency routes, which is not an insignificant number.
Some of the differences seen between the vulnerabilities reported by Zhong for the multi-
column pier supported bridges and those presented here for the wall pier supported bridges can
be attributed to the differences between the two methodologies employed to calculate these vulner-
abilities. As was mentioned earlier, Zhong focused on the planar response of a single multi-column
pier and foundation system in her work. In addition (or as a result of this), Zhong considered fewer
failure mechanisms than have been considered here for the wall pier supported bridges. By includ-
ing a larger number of component failure limit states in the wall pier bridge fragility analysis, there
is a greater chance that at lower earthquake intensities there will be at least one component failure
that contributes to the vulnerability of the structure. By neglecting such component failure limit
states, the vulnerability of the structure due to those component limit states is not captured. The
lower vulnerability of the multi-column pier supported bridges for the 10% PE/50 event can likely
be attributed to this.
For the larger 2% PE/50 event, the comparisons made between the two categories are likely
fairly representative of the vulnerabilities of the two bridge types, despite the fact that different
methodologies were employed. This is because the component failures contributing the largest to
the vulnerability of both categories of bridges are pier and pier foundation failures. If the wall pier
bridge vulnerability was largely a result of failures in the abutments, or abutment bearings, then
comparisons of vulnerabilities between the two categories would be difficult because the contribu-
tion of these failures within the multi-column pier bridges had not be considered. Complicating
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this somewhat, however, is the fact that more component failures were considered for the wall pier
bridge vulnerability analysis than were considered in the multi-column pier bridge vulnerability
analysis. These additional component failures do increase somewhat the overall structural vulner-
ability. Therefore, the larger number of component failures represented in the wall pier bridge
vulnerability analysis likely increases the estimated vulnerability of the wall pier bridges, while
the smaller number of component faliures represented in the multi-column pier bridge vulnerabil-
ity analysis likely decreases the estimated vulnerability of the multi-column pier bridges (as was
dicussed above for the 10% PE/50 event vulnerability differences).
7.4.3 The Effect of Wall Pier Bridge Type
Wall pier type had a significant affect on overall wall pier bridge fragility, with pile supported
hammerhead bridges being significantly more vulnerable than regular bridges, and in turn, footing
supported hammerhead bridges being significantly more vulnerable than pile supported hammer-
head bridges. Table 7.9 demonstrates how dissimilar these vulnerabilities are, with R, H_PILES,
and H_FOOTING category curve areas on average 23% below, 14% above, and 50% above the
curve areas of the *_PILES category, respectively. In addition, the difference in curve areas is
most pronounced at the complete damage level, where they are 51% below, 25% above, and 94%
above those of the *_PILES category. Figure 7.9 illustrates the above.
The differences in vulnerability between the H_PILES and R categories is largely a result of
the increased vulnerability of the H_PILES bridges to FS failures at the fixed bearing pier, and
WBend failures in all piers, which is not surprising. As was demonstrated in the pushover analysis
portion of this project, hammerhead wall pier bridges are more vulnerable to shear failures in their
footings/pile caps and bending failures in their walls because of their reduced length in comparison
to those of regular wall pier bridges. Tables 7.12 and 7.13 illustrate the magnitude of the differences
between these two categories for each of these component limit states. For example, the H_PILES
category moderate and extensive damage level FS3 curve area percentages are on average about 24
points larger than those of the R category. Also, similarly large differences exist in the moderate,
extensive and complete damage level WBend3 failures.
The differences in vulnerability between the H_FOOTING and H_PILES categories is largely
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a result of the increased vulnerability of the H_FOOTING bridges to FP failures at the fixed bearing
pier and the high vulnerability to WO failures of all piers; again, this trend is not surprising. Earlier
pushover analyses indicated that footing supported bridges were very susceptible to overturning
failures. It is also not hard to see that such failures have the potential to increase demands placed on
the pier footings, resulting in an increased likelihood of overwhelming a footing’s bending capac-
ity. Table 7.12 illustrates the magnitude of the differences between these two categories for these
component limit states. For example, FP3 and WO component failures are seen and have large curve
area percentages in the H_FOOTING category, while they are not seen in the H_PILES category.
7.4.4 The Effect of Wall Pier and Footing/Pile Cap Steel Reinforcing Ratio
Wall pier and footing/pile cap steel reinforcing ratio had a significant affect on wall pier bridge
fragility. In general, as reinforcing ratio increased, vulnerability decreased for all damage lev-
els. This is demonstrated in Table 7.9, where the curve areas for the *_1_PILES (low ratio),
*_2_PILES (high ratio), and *_3_PILES (average ratio) categories are on average 26% above,
22% below, and 10% above those of the overall *_PILES category, respectively. The difference
in vulnerability is small at the slight/minor damage level, but it becomes increasingly significant
with each increase in damage level. At the slight/minor damage level, the difference in curve areas
is relatively small, with the curve areas being 3% above, 3% below, and the same as those of the
*_PILES category, respectively. In contrast, at the complete damage level the differences in curve
areas are significantly more pronounced, at 68% above, 40% below, and 22% above those of the
*_PILES category, respectively. Figure 7.10 illustrates both of these trends.
The differences in vulnerability between the *_3_PILES and *_2_PILES categories are
largely a result of the increased vulnerability of the *_3_PILES bridges to WBend and FS failures
in the fixed bearing pier, and to ADt failures. Because pier walls with smaller amounts of reinforcing
steel are generally not as strong in bending, the increased vulnerability of the *_3_PILES bridges
to this failure makes sense. What is more difficult to explain is the increased vulnerability of the
more lightly reinforced bridges to shear failures in their footings/pile caps. It seems reasonable
that increased reinforcing ratios would somewhat increase the stiffness of both the pier and foot-
ing/pile cap, resulting in larger shear demands in the footings/pile caps (as was the trend seen in
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the pushover analyses discussed earlier). There are two potential explanations. First, the somewhat
decreased stiffness of the lightly reinforced wall pier changes the dynamic response characteristics
of the structure, resulting in increased demands being placed on the pier. Second, this trend could
only be a result of the large amounts of uncertainty in the FS demand and does not necessarily
represent a true increased vulnerability. Table A.3 in Appendix A indicates that the FS3 failure de-
mand is significantly uncertain, having an average COV for the three reinforcing ratio categories of
approximately 3.7. Lending further weight to the second theory is the fact that the trend is reversed
for the *_1_PILES and *_3_PILES category, where the more lightly reinforced *_1_PILES
category bridges are less vulnerable to FS failures than the more heavily reinforced *_3_PILES
category bridges. Table 7.11 illustrate the magnitude of the differences between these two cate-
gories for each of these component limit states. For example, the *_3_PILES category curve area
percentages for the moderate and extensive damage level WBend3, and the moderate, extensive, and
complete damage level FS3 failures are on average 29 and 12 points, respectively, larger than those
of the *_2_PILES category. Also, ADt failures are present and have large curve area percentages
in the *_3_PILES category, while they are not present in the *_2_PILES category.
The differences in vulnerability between the *_3_PILES and *_1_PILES categories are
largely a result of the increased vulnerability of the *_1_PILES bridges to FP failures in all piers.
This trend is a direct result of the reduced bending capacity of the more lightly reinforced foot-
ings/pile caps, which was also clearly identified in the pushover results. Table 7.11 illustrates the
magnitude of the differences between these two categories for these component limit states. For ex-
ample, FP failures are present and have large curve area percentages in the *_1_PILES category,
whereas these failures are not seen in the *_3_PILES category.
7.4.5 The Effect of Bearing Type/Configuration
Bearing type/configuration had little or no affect on wall pier bridge fragility. Table 7.9 indicates
that on average the curve areas for the *_*s_PILES and *_*e_PILES categories are no different
and 5% larger, respectively, than those for the *_PILES category, indicating little or no differences
between the fragilities of the two. Figure 7.11 demonstrates this, exhibiting closely spaced curves
at all damage levels, with *_*s_PILES bridges being slightly more vulnerable for some damage
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levels and *_*e_PILES bridges being slightly more vulnerable for others. This trend is somewhat
unexpected considering that elastomeric bearings have significantly different response characteris-
tics than those of steel rocker bearings. However, failures in the fixed bearing pier components tend
to be the dominating component limit states, and bridges with and without elastomeric bearings
both have high steel bolster bearings at the fixed bearing pier. Therefore, these results indicate that
even though elastomeric bearings do change the response characteristics of a bridge, the resulting
different behavior has no significant impact on the important limiting component failures at the
fixed bearing pier.
7.4.6 The Effect of the Inclusion or Exclusion of Embankments
The inclusion or exclusion of embankments had only a small affect on overall wall pier bridge
fragility, with bridges that have embankments being slightly more vulnerable than those without
embankments. The *_**a_PILES category damage level curve areas presented in Table 7.9 are
on average 7% larger than those of the *_PILES category, whereas the *_**e_PILES category
damage level curve areas are on average 19% larger than those of the *_PILES category, indicat-
ing that bridges with embankments are slightly more vulnerable than those without. The differences
in vulnerability between these two categories are most pronounced for the moderate and extensive
damage levels, as shown in Figure 7.12. Figure 7.12 further illustrates that at the complete damage
level the *_**e_PILES category goes from being the more vulnerable category at PGAs less than
about 1.2g to the less vulnerable category above that PGA. This complete damage level trend results
from the differing levels of uncertainty in each category’s fragility. Table 7.8 shows that the average
demand COVs for the *_**a_PILES and *_**e_PILES categories are 0.84 and 1.14, respec-
tively. Because the *_**e_PILES category has a higher average demand COV, the uncertainty
in the system curve is also higher, and as uncertainty increases the corresponding fragility curves
tend to flatten. This is because the exact PGA associated with the onset of damage for that damage
level is not known precisely, and therefore the probability of reaching or exceeding the damage state
gradually increases over a large range of PGAs about the exact PGA value. In contrast, a fragility
curve with low uncertainty has a probability that rises sharply over a small range of PGAs about
the exact PGA associated with the onset of damage for that damage level, reflecting the fact that
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the exact PGA value is known with fairly high certainly. Therefore, if two fragilities are relatively
similar, and one fragility has a greater level of uncertainty, the fragility with the greater level of
uncertainty will tend to have lower probabilities of failure at higher PGAs. This is contributing to
what is happening here for the complete damage level curves, so it is difficult to say for certain for
the complete damage level and at high PGAs whether bridges with embankments are less vulernable
than those without.
The differences in vulnerability between the *_**a_PILES and *_**e_PILES categories
is largely a result of the increased vulnerability of the *_**e_PILES bridges to WBend and ADt
failures. This is despite the increased vulnerability of the *_**a_PILES bridges to FP2 failures.
Table 7.11 illustrates the magnitude of the differences between these two categories for each of these
component limit states. For example, the *_**e_PILES category curve area percentages for the
moderate, extensive, and complete damage level WBend3 and moderate damage level ADt failures
are on average 22 and 20 points, respectively, larger than those of the *_**a_PILES category.
The increased vulnerability of the *_**a_PILES bridges to FP2 failures is demonstrated by the
presence and curve area percentages of the FP2 failures in the *_**a_PILES category, while not
in the *_**e_PILES category.
It should be pointed out that the above comparison of vulnerabilities may not be completely
unbiased. This is because, as shown in Table 7.7, the *_**e_PILES category has a larger number
of hammerhead bridges than regular bridges, and just the opposite for the *_**a_PILES cate-
gory. Therefore, the increased vulnerability of the bridges with embankments may be a result of the
increased vulnerability of the H_PILES bridges, and not necessarily a consequence of the inclu-
sion of embankments. The WBend failures shown to contribute largely to the differences between
these two categories are also strong contributors to the differences seen between the H_PILES
and R bridge categories, with WBend failures being more likely in the H_PILES bridges. That
being said, the inclusion of embankments does slightly increase the likelihood of WBend failures,
and moderately increase the likelihood of ADt failures, above those of just the H_PILES and R
categories, suggesting that the inclusion of embankments may negatively impact overall system
fragility. This effect would not be unexpected considering the fact that the dynamic characteristics
of the embankments likely affect the amplitude and frequency of any potential earthquake, creating
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greater demands on the the abutments and piers.
7.4.7 The Effect of Bridge Skew Angle
Skew angle had little or no affect on overall wall pier supported bridge fragility. For the hammer-
head bridges, it is not clear whether skew angle has any appreciable affect on the overall system
vulnerability, whereas for the regular wall pier bridges the trend is more clear (with skewed bridges
being slightly more vulnerable than their non-skew counterparts).
Based on the curve areas presented in Table 7.9, skewed hammerhead bridges seem to be slightly
less vulnerable than their non-skew counterparts. For example, Table 7.9 indicates that on average
the curve areas for the H*nN category are 1% more than those for the H category, whereas the H*nS
category curve areas are on average 4% larger than those of the H category. However, Figure 7.13a
indicates that the H*nS bridges are not universally more vulnerable across the entire PGA range of
interest. At the moderate, extensive, and complete damage levels, the skew bridges are significantly
less vulnerable than the non-skew bridges for PGAs below about 0.75g, however, for larger PGAs
the situation is reversed, with skew bridges being somewhat more vulnerable than their non-skew
counterparts. This trend is again a result of the levels of uncertainty associated with each category’s
fragility curves, as shown in Table 7.8 where the average demand COVs for the H*nN and H*nS
categories are 1.03 and 0.68, respectively. Because the increased vulnerabilities of the non-skew
bridges at the lower PGAs and the skew bridges at the higher PGAs are a result of these differing
uncertainties, it is not clear whether this behavior would be exhibited in the actual hammerhead wall
pier bridge population.
The differences in vulnerability between the H*nN and H*nS categories are largely a result of
the increased vulnerability of the H*nN bridges to AD and AB failures at the abutments, Wbend
failures at the non-fixed bearing piers, and to a lesser extent from increased vulnerability to WO
failures in the non-fixed bearing piers. The increased overturning vulnerability of the non-skew
bridges is a result of the fact that when the bridge superstructure moves longitudinally, which it is
encouraged to do by the orientation of the roller bearings, it tends to push the pier wall over in a
direction that it can readily do so. In the skew case, longitudinal motion of the superstructure does
not correspond with the direction in which the wall pier wants to overturn; therefore, for the pier
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to overturn the superstructure must rotate in its plane. It is restrained from doing so, which in turn
restrains the pier from overturning. Table 7.12 illustrates the magnitude of the differences between
these two categories for the WO component limit state. For example, the differences in curve area
percentages for the extensive and complete damage level WO1 and WO2 failures between the two
categories is only modest. And AD, AB, and Wbend failures that contribute most to the differences
in vulnerability do not even appear in Table 7.12.
In contrast to the hammerhead bridges, skewed regular bridges are slightly more vulnerable
than their non-skew counterparts. Based on the values presented in Table 7.9, the curve areas for
the R2*N and R2*S categories are on average 5% less and 7% more than those for the R category,
respectively. Figure 7.13b reinforces this observation, demonstrating that across most of the range
of applicable PGAs the skew bridges have slightly higher probabilities of reaching or exceeding the
various damage levels.
The differences in vulnerability between the R2*N and R2*S categories are largely a result
of the slightly increased vulnerability of the R2*S bridges to WBend and FS failures in both the
fixed and roller bearing piers. The increased vulnerability of these skew bridges to wall bending
and footing/pile cap shear failures is a result of the reduced role the abutments play in resisting
the longitudinal motion of the superstructure, as well as the increased engagement of the wall in
carrying the load that results from the misalignment of the wall weak axis bending direction and the
preferred direction of longitudinal motion for the superstructure. Table 7.13 illustrates the magni-
tude of the differences between these two categories for these component limit states. For example,
there are only modest average differences of about 13, and 5 points in curve area percentages for the
moderate, and extensive damage level WBend3, and complete FS3 failures, respectively, between
the two categories.
7.4.8 The Effect of Wall Pier Pile/Foundation Type
Wall pier pile/foundation type had a large affect on wall pier bridge fragility for both the ham-
merhead and regular wall pier supported bridges. For both bridge types, the timber pile supported
bridges were slightly more vulnerable than the steel pile supported; however, both were less vul-
nerable than the footing supported bridges (in the hammerhead case) and the CFSP pile supported
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bridges (in the regular case), which represented the most vulnerable categories.
For the H***F, H***S, and H***T categories, damage level curve areas presented in Table
7.9 are on average 10% larger, 17% smaller, and 6% smaller than those of the overall H category,
indicating that footing supported bridges are the most vulnerable hammerhead bridge type, followed
by timber pile and then steel pile supported bridges. Figure 7.14a demonstrates this, and particularly
so at the moderate, extensive, and complete damage levels where the amount of separation between
the various curves is quite pronounced.
The differences in vulnerability between the H***F and H***S categories are largely a result
of the increased vulnerability of the H***F bridges to FP, WO, and WBend failures in the fixed
bearing piers, as well as to WO failures in the non-fixed bearing piers. The high vulnerability to
wall overturning failures is to be expected for the footing supported bridges; the pushover results
discussed earlier indicated that this vulnerability would likely be high. The increased vulnerability
to footing bending failures is likely a direct result of the increased vulnerability to wall overturning
failures. This is because as the wall moves to a position where only a small percentage of the footing
is supported by the ground, portions of the footing are likely to see significantly increased bending
stresses. Finally, the increased vulnerability to WBend failures seems to be a result of the pier
and superstructure moving out of phase with each other. The relatively low lateral stiffness at the
pier base differs enough from the abutment/embankment stiffnesses that the pier and superstructure
eventually begin to move out of phase with each other. This out of phase motion eventually results
in an increased bending force demand being placed on the pier wall. Table 7.12 illustrates the
magnitude of the difference between these two categories for these component limit states. For
example, the H***F category curve area percentages for the moderate, extensive, and complete
damage level WBend3 failures are on average 36 points higher than those of the H***S category.
Also, the H***F category has slight/minor, moderate, and extensive damage level WO3 failures, and
moderate, extensive, and complete damage level FP3 failures, whereas these failures do not occur
in the H***S category.
The differences in vulnerability between the H***S and H***T categories are almost exclu-
sively a result of the increased vulnerability of the H***T bridges to WBend failures in the fixed
bearing piers. This is despite the fact that the H***S bridges are slightly more vulnerable to FS
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failures. This increased vulnerability of the timber pile supported bridges to bending failures in the
wall pier is a result of the decreased fixity of the piles at the pile cap and the very low lateral soil
stiffness near the surface. This allows the timber pile supported bridges to act in a fashion similar
to that of the footing supported bridges, where resistance to lateral motion at the pile cap level is
minimal. Table 7.12 illustrates the magnitude of the difference between these two categories for
these component limit states. For example, the H***T category moderate, extensive, and complete
damage level WBend3 failure curve areas are on average 23 points larger than those of the H***S
category, while the H***S category extensive and complete damage level FS3 failure curve areas
are on average 12 points larger than those for the H***T category.
For the R2**C, R2**S, and R2**T categories, the damage level curve areas presented in Table
7.9 are on average 130% larger, 6% smaller, and 28% larger than those of the overall R category,
indicating that CFSP pile supported bridges are by far the most vulnerable regular bridge type,
followed by timber pile and then steel pile supported bridges. Figure 7.14b indicates that this trend
is consistent across a large portion of the applicable PGA range, with only minor divergences from
this trend at PGAs below about 0.4g for the moderate and extensive damage level fragilities.
The differences in vulnerability between the R2**C and R2**S categories are largely a result
of the increased vulnerability of the R2**C bridges to FS, AS, and AB failures. The fact that
actual pile failures do not play a significant role in the fragility of either category, and that aside
from different piles the characteristics of the bridges in each category do not vary greatly, seems
to indicate that the increased vulnerability of the CFSP pile supported bridges is more a result of
ground motion characteristics and high lateral stiffness of the supporting soil than a direct result
of the use of CFSP piles. Table 7.13 illustrates the magnitude of the difference between these two
categories for these component limit states. For example, the R2**C category moderate, extensive,
and complete damage level FS3 and all damage level ADt curve area percentages are both on average
53 points below those of the R2**S category. Also, the R2**C category has FS1 failures, whereas
the R2**S category does not.
The differences in vulnerability between the R2**S and R2**T categories are largely a result
of the increased vulnerability of the R2**T bridges to WBend failures in the fixed bearing piers and
to AD and FP failures. This is despite the fact that the R2**S bridges are slightly more vulnerable
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to FS failures in the fixed bearing piers. As was true in the hammerhead pier case, the low lateral
stiffness of the supporting soil at the pile cap and the reduced fixity of the piles in the pile cap results
in a pier with low resistance to lateral motion at the pile cap. This leads to behavior similar to a
footing supported bridge, and therefore to an increased vulnerability to bending failures in the fixed
bearing piers. Table 7.13 illustrates the magnitude of the difference between these two categories
for these component limit states. For example, the R2**T category WBend3 failures are present
and have large curve area percentages, whereas in the R2**S category there is a complete lack of
these failures. Table 7.13 also shows that the R2**T complete damage level FP3 failure curve area
percentage is 8 points above that of the R2**S category. Finally, increased vulnerability of the
R2**S bridges to FS3 failures is illustrated by the presence and curve area percentages of these
failures in the R2**S category, and the complete lack of them in the R2**T category.
The above comparisons should be considered in conjunction with the fact that the ground mo-
tions used to produce each pile/foundation type category were a product of separate soil profiles.
This grouping of bridges by pile/foundation type for comparison is the only arrangement in which
this division is cleanly made. For all other category comparisons, motions produced from each soil
profile are represented in all of the sub-categories being compared. Therefore, before drawing any
hard and fast conclusions about the differences that exist between these categories, one should re-
member that they may be partly a result of the associated soil profile and resulting ground motions
characteristics, rather than entirely a result of the foundation/pile type employed. That being said,
these same results could be used to demonstrate the importance that local soil characteristics play
in the response of any structure.
7.4.9 The Effect of the Number of Hammerhead Piers
The number of piers used for the hammerhead bridges had little or no affect on hammerhead wall
pier bridge fragility. Table 7.9 indicates that on average the curve areas for the H1 and H3 categories
are 2% smaller and 5% smaller, respectively, than those for the H category, indicating little or no
differences between the fragilities of the two. Figure 7.15 demonstrates this, showing relatively
closely spaced curves at all damage levels. For the moderate, extensive, and complete damage level
curves, there is a trend toward the H1 bridges having lower failure probabilities for lower PGAs,
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with H3 bridges having lower failure probabilities at higher PGAs. This trend is likely a result
of differing levels of uncertainty associated with each category’s component fragility curves. For
example, Table 7.8 lists the average demand COVs for categories H1 and H3 as 0.86 and 0.99,
respectively, which indicates that the H3 curves would be somewhat flattened in comparison to the
H1 curves, just as seen in Figure 7.15.
7.4.10 The Effect of Regular Wall Pier Height
Pier height had a large impact on regular wall pier bridge fragility. Table 7.9 indicates that on
average the curve areas for the R2n and R2s categories are 38% larger and 37% smaller than those
for the overall R category, indicating a substantially reduced vulnerability in the short pier bridges.
Figure 7.16 demonstrates this, showing significant spacing between the curves at all damage levels.
At the moderate damage level, the normal height piers are indicated as being slightly less vulnerable
at PGAs greater than about 1.3g. This crossing of curves is again likely a result of the differing
uncertainties associated with each category’s component fragility curves. Table 7.8 confirms this,
where the R2n and R2s category average demand COVs are listed as 1.20 and 0.72, respectively,
indicating that the R2n curves will be somewhat flattened in comparison to the R2s curves, just as
seen in the moderate damage level fragility curves in Figure 7.15. This difference in uncertainties
does not, however, overwhelm the clear trend of lower vulnerability in the short pier bridges.
The vulnerability differences between these two categories are largely a result of the increased
vulnerability of the R2n bridges to FP, FS, and WBend failures in the fixed bearing piers. This
trend was also seen in the pushover analyses discussed earlier, and as was pointed out there, it
results from the fact that a larger force must be applied at the superstructure level for the short pier
wall bridges to affect the same wall bending and footing/pile cap shear failures as is required for
the normal height pier wall bridges. Table 7.13 illustrates the magnitude of the differences between
these two categories for these component limit states. For example, in the R2n category FP3, FS3,
and WBend3 failures are present and have relatively large curve area percentages, whereas in the
R2s category none of these failures occur at any damage level.
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7.5 The Effect of Using a Linear Elastic Constitutive Model to Represent the Pier
Wall Concrete
As was demonstrated in the above discussion, WBend and FS failures play a significant role in
the vulnerability of wall pier supported bridges. Recall from the discussion of the model used to
represent the wall pier (in Section 3.6.4) that in the fragility analysis models most of the pier wall
concrete was represented by a linear elastic material model, and that the reduced modulus smeared
cracking concrete constitutive model (used to represent the concrete at the base of the wall) had
a higher damping coefficient associated with it. These factors resulted in the wall stiffness and
capacity being overestimated in the analyses. This increased stiffness and capacity led to increased
demands being placed on the wall and several other bridge components (such as the bearings and
footings/pile caps), which in turn emphasized the wall strength and footing/pile cap limit state
failures (such as WBend and FS failures) and deemphasized the wall ductility limit state failures
(such as WD failures). To offset this effect, arbitrarily inflated damage level component strength
capacities were defined for bending failures of the pier wall. Despite this, it is still probable that
the large contributions of wall and footing failures to structural vulnerability indicated here are
somewhat overestimated. That being said, the results of the pushover analyses demonstrate that
these indicated vulnerabilities are not entirely unfounded. In the pushover analyses, WBend and FS
failures play critical roles, each occurring early in the failure sequence for many of the wall pier
bridge types and pushover directions investigated. This correlates with the findings of the fragility
analysis, where these failures often represented the component failures contributing the most to the
overall fragility of the structure.
The impact this has on the vulnerability of the overall structure is somewhat more difficult to
assess. If the wall pier models in the dynamic analyses more accurately reflected the true bending
stiffness and capacity of a pier wall, then it is likely that wall bending and footing failures could
play a less significant role in the overall wall pier bridge structural vulnerability; however, the
overall structural vulnerability might not decrease as a result of a reduction in these component
vulnerabilities because other component failures (such as abutment or wall ductility failures) could
become more likely, offsetting any positive effect.
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7.6 Comparison of Wall Pier Fragility with HAZUS99 Fragility
HAZUS99 [23] outlines a procedure for producing fragility curves for a number of different bridge
categories. These categories are delineated by design (conventional or seismic), year built (before
1975, from 1975 to 1990, or on or after 1990), state in which constructed (non-California or Cal-
ifornia), number of spans (single span or multi-span), span length (greater than or less than 490 ft
(150 m)), structure type (concrete, steel, or other), pier type (multi-column pier, single column pier,
or wall pier), and span continuity (simply supported or continuous). Based on these delineations, 28
categories were created. Bridges within the so-called HWB15 category represent those that most
closely match southern Illinois wall pier supported bridges. HWB15 bridges were built outside
of California before 1990 and were designed conventionally (without consideration for seismic ef-
fects); they utilize composite concrete and steel beam superstructures that are continuous over wall
type piers.
In contrast to the fragility curves presented here, the HAZUS99 fragility curves give probabili-
ties of reaching or exceeding the slight/minor, moderate, extensive, and complete damage states ver-
sus 1.0 second period spectral acceleration (Sa [1.0 sec]). To construct HAZUS99 fragility curves,
mean damage level Sa [1.0 sec] values had to be calculated. To calculate these values, several struc-
tural parameters were assumed. These include a 3 span structure with a skew angle of 20 degrees,
and a Kshape factor (that accounts for bridge skew) of 0.6. Figure 7.18 shows the slight/minor, mod-
erate, extensive, and complete damage level fragility curves according to HAZUS99 for HWB15
category bridges (and the assumptions above).
To make comparisons between the HAZUS99 curves and those presented here, probabilities
of reaching and or exceeding the various damage levels will be presented for two southern Illinois
cities of Table 7.14. These cities are East St. Louis and Cairo, which represent the largest population
center within the region, and also locales spanning the full range of applicable earthquake intensi-
ties. Note that 1.0 second spectral acceleration values will be used with the HAZUS99 fragility
curves, while PGAs will be used with the wall pier supported bridge fragility curves resulting from
this study. Table 7.14 lists both 2% and 10% PE/50 B-C site class Sa [1.0 sec] and PGA values for
these cities.
For East St. Louis, the HAZUS99 10% PE/50 0.06g Sa [1.0 sec] slight/minor, moderate, ex-
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Figure 7.18: HWB15 Category Bridge Fragility Curves According to HAZUS99
tensive, and complete probabilities are 0%, 0%, 0%, and 0%, respectively. This is in comparison
to the 0.11g PGA probabilities of 70%, 15%, 4%, and 2% for the H_PILES category, 86%, 59%,
28%, and 5% for the H_FOOTING category, and 34%, 8%, 6%, and 1% for the R category. These
probabilities are on average 23, 45, and 12 percentage points above those of the HAZUS99 prob-
abilities. For the larger 2% PE/50 event, the 0.17g Sa [1.0 sec] HAZUS99 probabilities are 1%,
0%, 0%, and 0%. This is in comparison to the 0.32g PGA probabilities of 98%, 39%, 16%, and
9% for the H_PILES category, 92%, 76%, 51%, and 18% for the H_FOOTING category, and 74%,
23%, 12%, and 3% for the R category. These probabilities are on average 40, 59, and 28 percentage
points above those of the HAZUS99 probabilities. Therefore, in general, at lower earthquake inten-
sities the HAZUS99 curves underestimate the vulnerability of southern Illinois wall pier supported
bridges.
For Cairo, the HAZUS99 10% PE/50 0.17g Sa [1.0 sec] slight/minor, moderate, extensive, and
complete probabilities are 0%, 0%, 0%, and 1%, respectively. This is in comparison to the 0.45g
PGA probabilities of 99%, 50%, 25%, and 15% for the H_PILES category, 93%, 84%, 66%, and
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30% for the H_FOOTING category, and 84%, 37%, 15%, and 5% for the R category. These proba-
bilities are on average 47, 68, and 35 percentage points above those of the HAZUS99 probabilities.
For the larger 2% PE/50 event, the 1.28g Sa [1.0 sec] HAZUS99 probabilities are 99%, 91%, 91%,
and 71%. This is in comparison to the 1.76g PGA probabilities of 100%, 96%, 88%, and 71%
for the H_PILES category, 100%, 100%, 99%, and 97% for the H_FOOTING category, and 99%,
87%, 59%, and 32% for the R category. These probabilities are on average 1, 11, and 19 percentage
points above, above, and below, respectively, those of the HAZUS99 probabilities. Therefore, in
general, while at lower earthquake intensities the HAZUS99 curves predict lower fragilities than
those predicted here for southern Illinois wall pier supported bridges, at higher earthquake intensi-
ties the HAZUS99 curves are relatively good at representing the hammerhead wall pier supported
bridge fragilities, but somewhat overestimate the fragility of the regular wall pier supported bridges.
The trends demonstrated above are likely partially a result of the differences in associated uncer-
tainties between the two sets of fragility curves. The HAZUS99 curves have a dispersion coefficient
of 0.4 associated with them. The dispersion coefficient is simply the square root of the sum of the
squares of the demand and capacity COVs. Or, stated mathematically:
dispersion = β =
√
δ2C + δ
2
D (7.1)
As has been discussed earlier, the demand COVs alone calculated from the analyses conducted here
dwarf this value, ranging even higher than 3 in some cases. This leads to a flattening of the associ-
ated component fragility curves, and in turn, a flattening of the structural fragility curves. Because
the dispersion associated with the HAZUS99 curves is so low, the associated fragility curves have
relatively tightly defined ranges of Sa [1.0 sec] over which the vulnerabilities go from near 0% to
approaching 100%. Therefore, even when the vulnerabilities represented by each curve are similar,
the curves with the higher associated dispersion will have higher probabilities at lower earthquake
intensities and lower probabilities at higher earthquake intensities. That being said, the differences
at lower earthquake intensities between the HAZUS99 probabilities and those for the hammerhead
wall pier supported bridges are on the order of about 45 percentage points, while at the higher
earthquake intensities they are only on the order of about 5 percentage points; in both instances, the
HAZUS99 curves underestimate the vulnerability. Therefore, even though the HAZUS99 curves
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have a much smaller dispersion associated with them, they definitely also on average represent
bridges with somewhat lower vulnerabilities over the entire range of applicable earthquake inten-
sities than those presented here for the hammerhead bridges. For the regular bridges, however, the
HAZUS99 curves underestimate the vulnerability by approximately 25 points at low earthquake
intensities, and overestimate the vulnerability by 20 points at higher earthquake intensities. There-
fore, it would appear that the HAZUS99 curves represent on average comparable vulnerabilities to
those presented here for the regular bridges, despite their low associated dispersion.
7.7 Fragility Analysis Summary and Conclusions
In order to characterize the seismic vulnerability of southern Illinois wall pier supported high-
way bridges to a potential NMSZ earthquake, a fragility analysis was conducted. To perform this
fragility analysis, nearly one-hundred three-dimensional nonlinear finite element models were con-
structed that incorporated structural variations consistent with those determined from the southern
Illinois wall pier bridge survey. Each model was subjected to a randomly assigned synthetic earth-
quake representative of those that could potentially occur within the region. Based on the results
from these analyses, and the described fragility procedure, a series of wall pier supported bridge
fragility curves were produced. The conclusions drawn from these curves may be summarized as
follows:
• Wall pier supported bridges on or crossing over southern Illinois priority emergency routes
are approximately 61% less likely to experience extensive damage in a 2% PE/50 year event
than their multi-column pier supported bridge counterparts. In contrast, during a 10% PE/50
event about 10% of the wall pier bridges would be expected to experience this damage level
in comparison to none of the multi-column pier supported bridges.
• In general, pile supported hammerhead wall pier bridges on or crossing over southern Illi-
nois priority emergency routes would be considered somewhat vulnerable to a NMSZ event,
whereas footing supported hammerhead bridges would be considered extremely vulnerable
and regular wall pier bridges not very vulnerable.
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• Pile supported hammerhead wall pier bridges were most susceptible to pier wall bending
failures and pile cap shear failures.
• Footing supported hammerhead wall pier bridges were most susceptible to pier overturning
failures, pier wall bending failures, and shear and bending failures in the footing.
• Regular wall pier bridges were most susceptible to pier wall bending failures and failures
of the abutment and abutment bearings. These component vulnerabilities were significantly
reduced from those of both the pile and footing supported hammerhead bridge categories.
• Pier type had a huge affect on the vulnerability of wall pier supported bridges, with ham-
merhead bridges being more vulnerable than regular bridges due to their higher likelihood of
experiencing footing/pile cap shear failures and wall bending failures.
• Reinforcing steel ratio had a large affect on the vulnerability of the wall pier supported
bridges, with vulnerability generally decreasing with increasing amounts of reinforcing steel.
The increased vulnerability of the lightly reinforced bridges resulted mostly from their in-
creased vulnerability to wall bending failures and footing/pile cap shear and bending failures.
• Bearing type/configuration had no affect on wall pier bridge vulnerability.
• The inclusion or exclusion of embankments had little or no affect on the vulnerability of wall
pier supported bridges. Bridges that included embankments were slightly more vulnerable
than those that did not. However, due to the fact that unequal numbers of hammerhead and
regular bridges were in each category, and the fact that hammerhead bridges are significantly
more vulnerable than regular bridges, the source of this trend is somewhat uncertain.
• The presence or lack of skew had little or no affect on the vulnerability of wall pier supported
bridges. This result was also somewhat uncertain, with no real difference being seen between
the non-skew and skew bridges in the hammerhead category, and only minor differences
being seen between the non-skew and skew regular wall pier categories.
• Pile/foundation type had a large affect on the vulnerability of both regular and hammerhead
wall pier bridges, although whether this effect is a result of the pile type or more the result of
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differences in supporting soil characteristics is unclear. For hammerhead bridges, those that
were footing supported were by far the most vulnerable because of their high vulnerability
to overturning failures. For regular bridges, those that were CFSP pile supported were by
far the most vulnerable due to their increased vulnerability to footing/pile cap shear failures
and failures at the abutment and abutment bearings. For both categories, the timber pile
supported bridges were more vulnerable than the steel pile supported bridges, mainly due to
the increased vulnerability of the timber pile bridges to wall bending failures.
• The number of piers utilized had no affect on hammerhead wall pier supported bridge vulner-
ability.
• Wall pier height had a large affect on the vulnerability of regular wall pier bridges, with
shorter bridges being much less vulnerable than those of normal height. The reduced vul-
nerability of the short wall pier bridges to pile cap shear and bending failures and to pier
wall bending failures accounted for the large difference in vulnerability between the two cat-
egories.
• HAZUS99 HWB15 category fragility curves in general underestimate the vulnerability of
southern Illinois hammerhead wall pier supported bridges. They do provide a reasonably
good estimate of the vulnerability for the regular wall pier supported bridges. However,
differences in uncertainties associated with the HAZUS99 curves and those presented here
lead to discrepancies in the vulnerabilities predicted at low and high earthquake intensities.
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Chapter 8
Soil Liquefaction Fragility Analysis
8.1 Introduction
In addition to concerns about how a structure is going to perform during an earthquake there are
often concerns about liquefaction. Liquefaction is the process by which loose saturated soil or sand
deposits lose their strength as a result of increased pore-water pressure induced by a rapid densifi-
cation of the soil deposit under earthquake shocks [42]. Liquefaction failures can result in ground
subsidence, loss of bearing capacity, shifting/tilting of foundations, pile failure, slope/embankment
failure, abutment failure, and/or lateral spreading. All of these failures can have a significant affect
on a performance of the structure in an earthquake and/or its usability afterward. Therefore, even if
a structure is expected to perform well during a seismic event, the occurrence of liquefaction could
essentially result in the structure or its surrounding infrastructure being damaged to the point of no
longer being usable.
For a liquefaction failure to occur, and for its occurrence to have a significant affect on the per-
formance of a structure and/or surrounding infrastructure (i.e. embankment, roads, retaining walls,
etc.), several conditions must be met. First, the site soil deposit must be of the proper type and
density to allow for the liquefaction phenomenon to occur. Soils typically susceptible to liquefac-
tion include sandy and silty soils of low density and plasticity. Cohesive soils are generally not
susceptible. Second, the liquefiable soil deposit must be saturated with water during the time of the
earthquake so that the required pore-water pressures can be achieved. Third, the liquefiable soils
must be close enough to the surface (typically less than 50 ft (15 m)), and of sufficient size and
thickness, so that their failure has a direct impact on the structure or surrounding infrastructure.
Sites that are particularly susceptible to this type of failure include areas where relatively clean
sands have been hydraulically deposited and high water tables currently exist. Often these condi-
tions are met at locations where bridge structures cross existing streams or rivers. When considering
the wall pier bridge population in southern Illinois, many of the regular wall pier supported bridges
fall into this category. (Recall from Chapter 2 that approximately half of the sampled wall pier
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bridges on southern Illinois priority emergency routes crossed waterways, and that a majority of
those bridges had regular wall piers.) Therefore, even for a structurally invulnerable regular wall
pier bridge, a high susceptibility to liquefaction could still result in its poor performance during an
earthquake. Liquefaction susceptible sites are not strictly confined to stream and river areas. In
fact, bridges at sites that do not cross waterways may also be susceptible. These bridge sites may
include some of the hammerhead wall pier supported bridge sites in southern Illinois. For these
type bridges, liquefaction failures could result in an increase of their already significant seismic
vulnerability.
8.2 Procedures for Determining Liquefaction Potential
There are several widely utilized methods for determining liquefaction potential, the most promi-
nent being the simplified liquefaction analysis method originally introduced by Seed and Idriss
[55–57, 73]. In this method, the factor of safety (FS) against liquefaction is determined by com-
paring an earthquake-induced cyclic stress ratio (CSR) in the potentially liquefiable soil layer to
an empirically-determined earthquake-magnitude-adjusted cyclic resistance ratio (CRR) for that
layer. The factor of safety against liquefaction is therefore expressed as:
FS =
(
CRR7.5
CSR
)
MSF (8.1)
where MSF is the magnitude scaling factor used to modify the CRR7.5 value to account for earth-
quakes with magnitudes other than 7.5. The CSR is expressed as a fraction of the maximum
earthquake acceleration, and is a function of both the total and effective overburden stresses, as
well as of a stress reduction coefficient that accounts for the depth to the soil layer of interest. Re-
lationships between CRR and the results of several in-situ soil test procedures, such as those of
the standard penetration test (SPT) and cone penetration test (CPT), have been empirically deter-
mined using data from a number of earthquake sites where the occurrence or lack of occurrence
of liquefaction is known. This simplified method is widely used because it is indeed fairly simple,
it requires only minimal information about the liquefaction inducing earthquake to determine the
CSR, and the CRR can be readily determined from several types of widely available in-situ test
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data.
A more recently developed method for determining liquefaction potential advanced by Kayen
and Mitchell [39] attempts to overcome some of the shortcomings of the simplified method. While
theoretically similar to the simplified procedure just discussed, there are several major distinctions
between the two methods. As was true for the simplified procedure, the FS against liquefaction
for a given soil layer is expressed as a quotient of a soil layer resistance parameter to an earthquake
induced demand parameter. For this so-called Arias method, however, the earthquake induced
demand parameter (Ih) is given by the Arias intensity of the ground motion. Arias intensity is the
amount of energy absorbed by a population of simple undamped oscillators evenly spaced with
respect to frequency when subjected to an earthquake. This is expressed as:
Ih = Ixx + Iyy =
pi
2g
∫ t0
0
a2x(t)dt+
pi
2g
∫ t0
0
a2y(t)dt (8.2)
where Ixx and Iyy represent the Arias intensity measures in the x and y directions, respectively,
in response to motion in the x and y direction, respectively, g represents the acceleration due to
gravity, ax(t) and ay(t) represent the time dependent input accelerations in the x and y directions,
respectively, and t0 represents the earthquake duration. Since Ih is a function of both the ground
acceleration and earthquake duration, it more accurately captures the ground motion’s amplitude
variation, frequency content, and duration, and it is a more robust descriptor of earthquake demand
than the CSR used in the simplified method. The resistance parameter (Iliq) represents that Arias
intensity required for liquefaction to occur. The relationship between this value and SPT blow
count data has been empirically determined using data from a number of earthquake sites where the
occurrence or lack of occurrence of liquefaction is known. Therefore, the Arias intensity method
FS against liquefaction occurring in a particular soil layer is given as:
FS =
Iliq
Ilayer
(8.3)
where Iliq is the Arias intensity value that must be exceeded for liquefaction to occur, as determined
from SPT data, and Ilayer is the soil layer’s Ih value for the motion of interest.
For this study, the Arias intensity method was adopted, for several reasons. First, the available
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soil boring information was limited, consisting of STP blow count data and visual classifications of
any retrieved soil samples. Even with this limited soil information, the Arias method could still be
used. Second, the bedrock motions obtained for analytical construction of the structural fragility
curves were in the form of acceleration time-histories. From these motions, it would be possible
to calculate acceleration time-histories for each soil layer within each soil profile. Therefore, the
demand placed on each soil layer (Arias intensity) could be calculated for each layer directly, instead
of being based only on the characteristics of the resulting motion at the surface, as is the case with
the simplified procedure. It was felt that using the motion characteristics at each soil layer to
determine demand would more accurately capture the liquefaction potential at the site.
The Arias method was adopted despite several shortcomings of the method (as described by
Green and Mitchell [29]). They point out that the Arias method does not account for the influence
of confining stress when determining the liquefaction resistance of a soil, while laboratory tests
have shown a clear correlation between increasing resistance to liquefaction and increasing confin-
ing stress. Also, they indicate that in the Arias method, soil liquefaction resistance is dependent
on ground motion frequency content, something that has not been verified. They conclude that
these shortcomings are likely of little importance if the method is used to evaluate the liquefaction
potential for situations similar to those used to construct the resistance relationship utilized in the
Arias method. These situations include those where the initial overburden and effective overburden
stresses at the liquefiable layer are about 4.2 ksf (200 kPa) and 2.1 ksf (100 kPa), respectively, and
when the liquefiable soil layer has been subjected to ground motions with frequency contents sim-
ilar to those in the western United States. For situations outside of these, considerable uncertainty
may exist.
For this study, the overburden pressures encountered are similar to those used to construct the
Arias method’s resistance relationship. The ground motion frequency contents, however, are likely
not the same. Since it is unclear what affect frequency content has on liquefaction potential, and
because the results presented here are only to provide a rough estimate of site vulnerability to
liquefaction for wall pier supported bridges on southern Illinois priority emergency routes, it is felt
that this method would be adequate.
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8.3 Liquefaction Fragility Analysis Procedure
In order to construct liquefaction fragility curves for the wall pier supported bridge sites within
southern Illinois the following procedure was undertaken.
1. A cursory investigation of each wall pier bridge site within the southern Illinois priority emer-
gency route random bridge sample was performed. Based on soil type, soil layer thickness,
and soil layer depth, each bridge site was classified as either potentially liquefiable or not
liquefiable.
2. To each potentially liquefiable bridge site (soil profile), five bedrock motions (earthquakes)
of varying magnitude (Peak Bedrock Acceleration (PBA)) were randomly assigned. These
pairs will be referred to as profile-earthquake pairs.
3. Using the site response software SHAKE2000 [52], soil layer motions resulting from these
bedrock motions were calculated, and the PGA at the ground surface for each motion was
determined.
4. Arias intensities for each liquefiable layer (for each motion) were calculated using the motion
at each layer.
5. Using the relationship presented by Kayen and Mitchell [39] between SPT blow count and
Iliq, and the SPT blow count information determined from each bridge site’s soil borings,
the Arias intensity value (Iliq) for each liquefiable layer that would have to be exceeded for
liquefaction to occur was determined.
6. For each liquefiable layer and each ground motion, 1/FS values were calculated. The max-
imum 1/FS layer value for each motion was taken as the demand value for that profile-
earthquake pair.
7. From the maximum 1/FS values determined and each motion’s PGA, the relationship be-
tween PGA and demand was determined, using a procedure similar to the one outlined in
Section 6.4.2.
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8. Using a procedure similar to that outlined in Section 6.4.3, liquefaction fragility curves for
the potentially liquefiable wall pier supported bridge sites were constructed.
8.3.1 Cursory Liquefaction Investigation
There were several simple criteria used to determine if a bridge site had soils that were potentially
liquefiable, and also whether the liquefaction of those soils would have a measurable affect on the
performance of the structure during an earthquake (or on the usefulness of it following an earth-
quake). Each bridge typically had from 2 to 8 soil borings associated with it. If any of these soil
borings had at least one soil layer meeting all of the following criteria, then the site was classified
as potentially liquefiable:
• Composed largely of sand (i.e. sand, silty sand, or sand with some gravel).
• Having proper density ((N1)60 < 26).
• Within 50 ft (15 m) of the ground surface.
• At least 2.5 ft (0.9 m) thick.
In addition, for liquefaction to occur the soil must be saturated. For approximately half of the bridge
sites in the southern Illinois random sample, information about the existence and elevation of the
water table at the time of drilling was not recorded. Therefore, when selecting potentially liqeufiable
sites, this criteria was not utilized. It should be pointed out, however, that many of the sites that were
identified as being potentially liquefiable were associated with regular wall pier supported bridges.
These bridges, as indicated in Chapter 2, are typically located over streams or rivers, suggesting
that fully saturated soils could very well exist throughout the entire soil column. Also, all of the
hammerhead bridge sites that were identified as potentially liquefiable had soil borings indicating
that, at the time of boring, the potentially liquefiable soils were fully saturated.
The above criteria give little consideration to the actual impact the occurrence of liquefaction
may have on the bridge structure (or surrounding infrastructure) located at a site. The criteria may
therefore result in a bridge site being classified as potentially liquefiable even though an occurrence
of such an event at that site may have little or no impact on the functionality of the bridge or
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surrounding infrastructure. Because of this, the vulnerability of wall pier supported bridge sites
in southern Illinois may be somewhat overestimated by the fragility analysis procedure employed
here. However, this intent of this investigation is to provide an approximate indication of southern
Illinois priority emergency route wall pier supported bridge site liquefaction vulnerability, to gage
whether a more in-depth investigation should be undertaken.
Of the 22 wall pier supported bridges in the southern Illinois random sample, 20 were either
hammerhead or regular wall pier supported (ten of each). Of the hammerhead supported bridges,
only two (or 20%) had soils of proper type, density, depth, and thickness on site to be classified
as potentially liquefiable, whereas nine (or 90%) of the regular wall pier bridges had soils meeting
these conditions. Therefore, based on the simple criteria outlined above, the total number of ham-
merhead or regular wall pier bridges potentially susceptible to liquefaction is approximately 55%
(or about 85 of the 595 total bridges on southern Illinois priority emergency routes). Tables B.1
through B.5 in Appendix B list each of the soil profiles used to construct the liquefaction fragility
curve, and Figure B.1 in Appendix B shows the locations of each of these bridge sites within south-
ern Illinois.
8.3.2 Profile-Earthquake Pairing
Each of the 11 sites (2 hammerhead and 9 regular) that were identified as potentially liquefiable
were paired at random with five bedrock motions of varying magnitude (PBA). Table 8.1 lists all
20 of the hammerhead and regular wall pier supported bridges within the southern Illinois random
sample, and indicates whether each site was classified as potentially liquefiable. For the potentially
liquefiable sites, the randomly assigned bedrock motions are given, along with the resulting ground
surface PGA for each motion. Figure 1.1 in Section 1.2 gives the location of each of these bridges.
8.3.3 Demand and Capacity Parameters
The maximum 1/FS value for each profile-earthquake pair was taken as the demand placed on
that soil profile for that earthquake. Using the results from all profile-earthquake pairs, demand
parameters were determined using a procedure similar to that outlined in Section 6.4.2. The demand
COV was determined to be 0.77. To determine an appropriate capacity COV, the procedure outlined
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Table 8.1: Bridge Soil Profile-Earthquake Pairings
Bridge Liquefiable Assigned Motions (PGA)
Hammerhead
025-0071 Yes L1008 (0.11g) C1010 (0.19g) C1003 (0.15g) C0208 (0.27g) M0204 (0.36g)
041-0051 No
060-0086 No
064-0019 No
077-0031 No
082-0150 Yes L1009 (0.15g) C1004 (0.17g) C1003 (0.20g) C0205 (0.35g) M0204 (0.38g)
095-0036 No
100-0055 No
100-0057 No
100-0059 No
Regular
014-0043 Yes L1008 (0.09g) M1003 (0.17g) M1005 (0.17g) C0209 (0.27g) M0208 (0.34g)
028-0010 No
061-0047 Yes L1008 (0.13g) C1010 (0.17g) L0206 (0.24g) C0203 (0.33g) M0204 (0.38g)
064-0017 Yes L1009 (0.08g) M1007 (0.12g) L0208 (0.20g) M1006 (0.11g) L0202 (0.17g)
067-0021 Yes L1001 (0.11g) C1008 (0.13g) L0209 (0.19g) C0204 (0.27g) L0202 (0.18g)
077-0007 Yes L1007 (0.12g) M1007 (0.15g) L0205 (0.19g) C0204 (0.28g) M0207 (0.38g)
082-0250 Yes L1007 (0.10g) C1004 (0.16g) L0206 (0.23g) C0209 (0.23g) M0203 (0.39g)
095-0046 Yes L1004 (0.15g) L0204 (0.22g) L0208 (0.32g) C0207 (0.56g) M0210 (0.62g)
100-0001 Yes L1005 (0.12g) C1004 (0.14g) M1005 (0.17g) C0201 (0.37g) L0202 (0.35g)
100-0015 Yes L1007 (0.13g) L0204 (0.15g) L0208 (0.20g) M1006 (0.22g) M0210 (0.45g)
by Gutierrez et al. [30] was used. Gutierrez at al. lists typical PDF and COVs for many of the
parameters used here to calculate liquefaction resistance, as well as a method for estimating the
uncertainty in this resistance based on these values. By this procedure, the capacity COV was
estimated to be approximately 0.77, exactly equal to the demand COV.
8.4 Liquefaction Fragility Analysis Results
Figure 8.1 shows the liquefaction fragility curve for the potentially liquefiable wall pier supported
bridge sites. Figure 8.2 shows the liquefaction fragility curve for the potentially liquefiable wall pier
supported bridge sites plotted against the slight/minor, moderate, extensive, and complete damage
level fragility curves for the H_PILES, H_FOOTING, and R categories.
8.5 Discussion of Liquefaction Fragility Analysis Results
To provide context to the following discussion, comparisons will be made between the current
findings and those for the multi-column pier supported bridges. Zhong did not perform a vulner-
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Figure 8.1: Hammerhead and Regular Wall Pier Supported Bridge Liquefaction Fragility Curve
(For Those Sites That Are Potentially Liquefiable)
ability analysis similar to that presented here [75]. She did, however, provide some insights into
the general vulnerability of the multi-column pier supported bridge sites within the southern Illinois
random sample. Zhong classified between 12% and 19% of the bridges in her sample as potentially
liquefiable and having sufficiently saturated soils for liquefaction to occur. Using the simplified
procedure outlined earlier, she found that approximately 7% of the multi-column bridges would
experience severe local soil yielding (that could not be remedied by retrofit) in a 2% PE/50 event,
and that about 12% of the multi-column bridges would experince severe local soil yielding that
could be partially remedied by retrofit. Therefore, for the larger 2% PE/50 event, Zhong reported
that approximately 19% of the multi-column bridge sites (or about 66 of the 345 multi-column pier
supported bridge sites on southern Illinois priority emergency routes) would experience some level
of damage resulting from liquefaction.
Figure 8.1 indicates that the 0.15g and 0.4g PGA liquefaction failure vulnerabilities for the po-
tentially liquefiable wall pier supported bridge sites are 22% and 87%, respectively. Recall that
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Figure 8.2: Comparison of Wall Pier Supported Bridge Liquefaction Fragility Curve (For Those
Sites That Are Potentially Liquefiable) With The H PILES, H FOOTING, and R Category Fragility
Curves
0.15g and 0.4g represent approximately the PGAs for a 10% and 2% PE/50 event within south-
ern Illinois. Because 20% of the hammerhead wall pier bridges, and 90% of the regular wall pier
bridges, have potentially liquefiable soils, this means that approximately 4% (or about 3) of the
hammerhead bridges, and approximately 20% (or about 15) of the regular bridges would experi-
ence a liquefaction failure in a 10% PE/50 event (for a total wall pier bridge percentage of 12%).
In a larger 2% PE/50 event, these numbers would jump to approximately 17% (or about 13) of
the hammerhead bridges, and approximately 78% (or about 60) of the regular bridges (for a to-
tal wall pier bridge percentage of 47%). These vulnerabilities are considerable. When compared
with the significantly more prevalent multi-column pier supported bridges, the liquefaction vulner-
abilities are much greater, so much so in fact that in the larger event the absolute number of wall
pier supported bridges experiencing a liquefaction ground failure (73 bridges, 13 hammerhead and
60 regular) is actually greater than the total number of multi-column pier supported bridges (66
bridges) experiencing the failure. As was demonstrated in the previous chapter, wall pier bridges
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are significantly less vulnerable to extensive or greater amounts of damage than their multi-column
counterparts in a 2% PE/50 event (approximately 37% less vulnerable). However, the wall pier sup-
ported bridges appear to be significantly more vulnerable to liquefaction (approximately 28% more
vulnerable), somewhat offsetting this favorable trend. This is likely a result of the large portion
of regular wall pier bridge sites that are potentially liquefiable, and the high vulnerability of these
bridges to liquefaction.
Figure 8.2 indicates that for the wall pier bridges having potentially liquefiable sites, the liq-
uefaction vulnerability is extremely high. For example, at the 10% PE/50 PGA of 0.15g, the
H_PILES, H_FOOTING, and R categories have 6%, 33%, and 7% probabilities, respectively, of
experiencing extensive or greater amounts of damage. This is in comparison to the 22% proba-
bility that a potentially liquefiable wall pier bridge site has of experiencing liquefaction; only the
H_FOOTING has a higher vulnerability, nearly 11 percentage points higher. Both the H_PILES and
R categories have probabilities more than 14 percentage points below this probability. At the 2%
PE/50 PGA of 0.4g the difference is even more pronounced, where the H_PILES, H_FOOTING,
and R categories have 21%, 60%, and 14% probabilities, respectively, of experiencing extensive or
greater amounts of damage. This is in comparison to the 87% probability that a potentially liquefi-
able wall pier bridge site has of experiencing liquefaction. Even the highly vulnerable H_FOOTING
category has a lower vulnerability to experienceing at least extensive damage at this PGA. In fact,
the probability is 27 percentage points below the probability that liquefaction will occur. The high
vulnerability of wall pier supported bridge sites to liquefaction in comparison to the structural vul-
nerability of these bridges, when considered in conjunction with the fact that approximately 55%
of hammerhead or regular wall pier bridges are susceptible to liquefaction, clearly indicates that
liquefaction vulnerability is a serious concern for wall pier supported bridges.
8.6 Liquefaction Fragility Analysis Summary and Conclusions
A liquefaction fragility analysis was conducted in order to characterize the seismic vulnerability
of southern Illinois wall pier supported highway bridge sites to liquefaction in a potential NMSZ
earthquake. To perform this fragility analysis, hammerhead and regular wall pier bridges within
the southern Illinois random sample that are susceptible to liquefaction were identified (based on
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simple criteria). A soil profile from each of these susceptible bridge sites was subjected to five
randomly assigned bedrock motions, and an Arias intensity liquefaction analysis was carried out.
Based on results from these analyses and the outlined fragility procedure, a fragility curve for the
potentially liquefiable wall pier supported bridge sites was produced. The conclusions drawn from
this analysis may be summarized as follows:
• A large percentage (approximately 55%) of the wall pier supported bridge sites on southern
Illinois priority emergency routes are potentially liquefiable (while the other 45% essentially
have no vulnerability to liquefaction).
• Regular wall pier bridge sites are much more likely than hammerhead wall pier bridge sites
to have soil profiles that are liquefiable. This is because regular wall pier bridges are typically
associated with stream or river crossings where soil characteristics are such that liquefaction
vulnerability is high. Approximately 20% of the hammerhead wall pier supported bridge sites
are potentially liquefiable, whereas 90% of the regular wall pier bridge sites are.
• In general, wall pier supported bridge sites are somewhat vulnerable to liquefaction failures
in a smaller 10% PE/50 event, and highly vulnerable to liquefaction failures in the larger 2%
PE/50 event. For a 10% PE/50 event, approximately 12% of the wall pier bridges on southern
Illinois priority emergency routes would experience liquefaction failures, whereas for the
larger event, nearly half (approximately 47%) of the wall pier bridges would experience this
failure.
• Because of the large discrepancy between the number of regular and hammerhead wall pier
supported bridge sites that are potentially susceptible to liquefaction, and because of the high
vulnerability (in general) of wall pier bridges to liquefaction, hammerhead wall pier bridges
can be classified as somewhat vulnerable to liquefaction, and regular wall pier bridges as
highly vulnerable to liquefaction.
• In comparison to multi-column pier supported bridge sites, wall pier supported bridge sites
are much more vulnerable to liquefaction for an earthquake with a 2% PE/50 (with 19% of
the multi-column pier supported bridge sites suffering liquefaction failures versus 47% of
the wall pier supported bridge sites). This is likely a result of the fact that a large number
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of regular wall pier bridge sites are potentially liquefiable, and that these sites are highly
vulnerability to liquefaction.
• Liquefaction vulnerability is far more critical than structural vulnerability for all categories
of wall pier bridges under the 2% PE/50 event, and extremely important under a 10% PE/50
event. This high vulnerability to liquefaction offsets the reduced vulnerability of the wall pier
bridges in comparison to their multi-column counterparts, especially so for the regular wall
pier bridges.
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Chapter 9
Seismic Vulnerability of Southern Illinois Priority Emergency Routes
Based on the findings of this wall pier supported bridge research project, and those from the earlier
multi-column pier supported bridge project, some general observations about the performance of
southern Illinois priority emergency routes in a seismic event can be made.
9.1 Southern Illinois Statistics
Geographically, southern Illinois covers an area of approximately 15,500 square miles (40,150
square kilometers), and as of 2000, it was home to about 1.25 million people [64]. (Table 9.1
lists each county within southern Illinois by IDOT district and gives its population and land area.)
There are several major population centers in this region, the largest of which is in the East St.
Louis area where just over a half million people live (not including the large population located just
across the Mississippi river in St. Louis, Missouri). Outside of the East St. Louis area, cities like
Carbondale (population 20,600), Mount Vernon (population 16,300), Marion (population 16,000),
Murphysboro (population 13,300), Effingham (population 12,400), and Herrin (population 11,300)
are the next largest population centers. (Table 9.2 lists these and other southern Illinois cities, and
gives their population, latitude and longitude, and USGS 10% and 2% PE/50 PGA values.) Sev-
eral major transportation routes traverse the region, including east-west interstates 70, 64, and 24,
north-south interstate 57, and the 270 and 255 belt loop interstates in the East St. Louis area. A
large portion of these interstate routes make up the approximately 410 miles of IDOT’s southern
Illinois priority transportation network.
9.2 Southern Illinois Bridge Performance
As has been stated before, 595 bridges either carry or cross over southern Illinois priority emergency
routes. Approximately 58% are multi-column pier supported (345 bridges), 26% are hammerhead
or regular wall pier supported (154 bridges), 6% are single span (36 bridges), 6% are culverts (36
bridges), 2% are flexible wall pier supported (12 bridges), and 2% falling within none of these
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Table 9.1: Southern Illinois Populations and County Areas
County Pop. Land Area County Pop. Land Area
District 7 Madison 258941 725 mi2 (1878 km2)
Clay 14560 469 mi2 (1215 km2) Monroe 27619 388 mi2 (1005 km2)
Crawford 20452 444 mi2 (1150 km2) Randolph 33893 578 mi2 (1497 km2)
Edwards 6971 222 mi2 (575 km2) St. Clair 256082 664 mi2 (1720 km2)
Effingham 34264 479 mi2 (1241 km2) Washington 15148 563 mi2 (1458 km2)
Fayette 21802 716 mi2 (1854 km2) District 9
Hamilton 8621 435 mi2 (1127 km2) Alexander 9590 236 mi2 (611 km2)
Jasper 10117 494 mi2 (1279 km2) Franklin 39018 412 mi2 (1067 km2)
Jefferson 40045 571 mi2 (1479 km2) Gallatin 6445 324 mi2 (839 km2)
Lawrence 15452 372 mi2 (963 km2) Hardin 4800 178 mi2 (461 km2)
Marion 41691 572 mi2 (1481 km2) Jackson 59612 588 mi2 (1523 km2)
Richland 16149 360 mi2 (932 km2) Johnson 12878 345 mi2 (894 km2)
Wabash 12937 223 mi2 (578 km2) Massac 15161 239 mi2 (619 km2)
Wayne 17151 714 mi2 (1849 km2) Perry 23094 441 mi2 (1142 km2)
White 15371 495 mi2 (1282 km2) Pope 4413 371 mi2 (961 km2)
District 8 Pulaski 7348 201 mi2 (521 km2)
Bond 17633 380 mi2 (984 km2) Saline 26733 383 mi2 (992 km2)
Calhoun 5084 254 mi2 (658 km2) Union 18293 416 mi2 (1077 km2)
Clinton 35535 474 mi2 (1228 km2) Williamson 61296 423 mi2 (1096 km2)
Jersey 21668 369 mi2 (956 km2)
Total Population = 1,235,867
Total Area = 15,518 mi2 (40,191 km2)
Table 9.2: Population of Several Southern Illinois Cities
City Pop. Latitude Longitude 10% PE/50 PGA 2% PE/50 PGA
East St. Louis 515023 38.59 N 90.12 W 0.11g (2%, 5%, 6%, 9%) 0.32g (5%, 11%, 11%, 76%)
Carbondale 20681 37.73 N 89.22 W 0.20g (5%, 9%, 8%, 42%) 0.56g (21%, 42%, 19%, 96%)
Mt. Vernon 16269 38.32 N 88.86 W 0.16g (4%, 7%, 7%, 26%) 0.44g (14%, 29%, 15%, 90%)
Marion 16035 37.75 N 89.00 W 0.21g (5%, 10%, 9%, 45%) 0.59g (23%, 45%, 20%, 97%)
Murphysboro 13295 37.77 N 89.34 W 0.19g (4%, 9%, 8%, 38%) 0.56g (21%, 42%, 19%, 96%)
Effingham 12384 39.12 N 88.55 W 0.09g (2%, 4%, 6%, 4%) 0.26g (6%, 13%, 10%, 62%)
Herrin 11298 37.80 N 89.03 W 0.20g (5%, 9%, 8%, 42%) 0.56g (21%, 42%, 19%, 96%)
Metropolis 6482 37.15 N 88.73 W 0.33g (9%, 19%, 12%, 77%) 1.15g (51%, 82%, 42%, 100%)
Cairo 3632 37.07 N 89.22 W 0.45g (15%, 30%, 15%, 91%) 1.76g (71%, 97%, 59%, 100%)
Vienna 1234 37.40 N 88.88 W 0.31g (8%, 17%, 11%, 74%) 1.03g (46%, 75%, 38%, 100%)
The percentages in ( ) to the right of the 10% and 2% PE/50 PGAs represent the H PILES, H FOOTING, and R
category complete, complete, and extensive damage level probabilities, respectively, for the given PGA, followed by
the probability of liquefaction for potentially liquefiable wall pier bridge sites.
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categories (12 bridges).
9.2.1 Multi-Column Pier Bridges
The most common bridge type, multi-column pier supported, typically carries the priority route
(88%). Of these, half (44%) carry the priority route over a road, and half (44%) over a rail line. The
remaining 12% of the multi-column pier supported bridges cross over the priority route. Because
the majority of these bridges would be expected to carry vehicles following a seismic event (as
opposed to simply not collapsing onto a priority emergency route and blocking these vehicles), they
should not suffer damage that reduces their structural soundness. Therefore, probabilities associated
with the extensive damage state should represent the critical probabilities for these structures.
Of the southern Illinois bridge types, multi-column pier supported structures represent those
that are most vulnerable to an earthquake. Based on the findings of Zhong [75], for an average
southern Illinois 2% PE/50 year PGA of 0.4g (which is an approximation of the PGA representating
a southern Illinois 2% PE/50 event) 61% of these bridges would be expected to experience extensive
damage, and nearly 20% of them would also suffer damage due to liquefaction of on site soils. In the
smaller 10% PE/50 event, the damage is expected to be only minor. Based on these vulnerabilities,
approximately 210 multi-column pier supported bridges would be expected to experience extensive
or greater amounts of structural damage, and approximately 69 bridges would have damage due
to liquefaction. These extensively damaged bridges would likely be concentrated toward the most
southern portions of the state, away from the largest southern Illinois population center (the East
St. Louis area). However, due to the large number of these bridges likely to experience this level of
damage, significant portions of the priority emergency route network could very well be rendered
substantially disfunctional.
9.2.2 Wall Pier Bridges
The second most common bridge type, hammerhead or regular wall pier supported, typically pass
over or carry, respectively, the priority route. Because hammerhead wall pier bridges typically cross
over the priority route, any damage short of structural collapse could probably be considered ac-
ceptable, assuming that such damage does not result in a severing of access to the priority route
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from side access routes. Therefore, complete damage probabilities represent the critical probabili-
ties for the regular wall pier bridges (although the other damage level failure probabilities could be
relevant for the purposes of network and other analyses). That being said, since the complete dam-
age level hammerhead vulnerabilities are largely a result of wall bending failures and footing/pile
cap failures, even this damage level may not represent structural damage great enough to render
the structure a hindrance to the passage of vehicles beneath it; therefore, even these probabilities
may overemphasize the threat. Because regular wall pier bridges typically carry the priority route,
and often cross rivers or streams which are geographic features that would be difficult to traverse
otherwise, these bridges must remain capable of carry vehicles across them. Because the extensive
damage level represents the point at which structural soundness becomes compromised, the exten-
sive damage level probabilities represent the critical probabilities for the regular wall pier bridges.
Table 9.2 lists next to each city’s USGS 10% and 2% PE/50 PGA the H_PILES, H_FOOTING,
and R category complete, complete, and extensive structural damage level probabilities, respec-
tively, followed by the probability of liquefaction for the potentially liquefiable bridge sites. For
most of the cities, the 10% PE/50 structural damage level probabilities are less than 10%, and they
really only exceed that value for cities within the sparsely populated most southern portion of the
state (i.e. Metropolis, Cairo, and Vienna). In the heavily populated East St. Louis region, the struc-
tural damage vunerability is very low, with percentages around only 5%. These values may be
considered neglible when considering the large uncertainty associated with the fragility process.
Therefore, in the smaller 10% PE/50 year event, the wall pier bridge population would be expected
to perform well, with significant levels of damage only possibly occurring in the sparsely populated
extreme southern portions of the state.
Table 9.2 indicates that, in the larger event, the percentages are more significant. Some of the
hammerhead bridge failure probabilities reach nearly 100%, and at least one of the regular wall
pier bridge failure probabilities reaches nearly 60%. Even at these elevated percentages, only about
10% of the regular wall pier bridges would be expected to fail in the heavily populated East St.
Louis region, and only about 20% in the more populated regions outside of the East St. Louis
region. The regular wall pier failure probabilities only reach 60% in the sparsely populated most
southern region. For the pile supported hammerhead bridges, the failure percentages are similar
233
to those for the regular bridges. Considering that collapse must occur for these failures to restrict
movement along the priority routes, and considering that the complete damage probability possibly
overemphasizes this likelihood, the vulnerabilities seem only of minor importance. As for the
footing supported hammerhead bridges, the uncertainty associated with how overturning failures
affect structural performance, and the fact that these bridges make up only a small percentage of the
total, indicates that these elevated percentages are also likely only of minor importance. Therefore,
in the larger 2% PE/50 event, wall pier supported bridge damage resulting in a direct impact on the
efficacy of the priority emergency routes would likely only be in the range of 10% to 20% in the
heavily populated regions of the state, and elevated above this (in the range of 30% to 60%) only in
extreme southern regions where the population is sparse. Even though the most southern region of
Illinois is relatively sparsely populated, the long term effects resulting from closures of the north-
south interstates that run through the region could potentially impact a much larger population well
outside the region, as transporters of goods and supplies that normally utilize these roads must be
rerouted.
When the vulnerability to liquefaction is considered along with that of the structure, the situa-
tion seems a bit more dire. This is especially so when considering that just over half of the wall pier
supported bridges on southern Illinois priority emergency routes are located on potentially liquefi-
able soils, and the probability that these sites will liquefy is high. Table 9.2 indicates that even for
the smaller 10% PE/50 event, between 10% and 45% of the potentially liquefiable wall pier bridge
sites in the more populated areas of East St. Louis and Carbondale would experience liquefaction,
whereas in the extreme southern portions of the state, those percentages are between 45% and 90%
(again of the potentially liquefiable sites). For the larger event, as many as 75% of the liquefiable
sites in the East St. Louis area would experience liquefaction, with those numbers jumping to 100%
(of the potentially liquefiable sites) in extreme southern regions of the state. The effect liquefaction
failures would have on the usability of a bridge, and on subsequent usability of a priority emergency
route, is hard to say, although this type of failure certainly has the potential to render a bridge inca-
pable of safely and effectively transferring traffic (to say nothing of possibly having a similar affect
on the adjacent highway pavement). Therefore, this vulnerability would seem to indicate poor per-
formance of any regular wall pier bridge, and susequent performance of the transportation route, in
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either a 10% or 2% PE/50 event. A more thorough geotechnical study must be undertaken before
this can be stated with a great level of certainty.
9.2.3 Other Bridge Types
The remaining 16% of the bridges on southern Illinopis priority emergency routes are either flexible
wall pier supported, single span, culvert, or some other type of bridge not already discussed. The
flexible wall pier supported bridges represent a very small percentage of the total number of bridges
on southern Illinois priorirty emergency routes (2% or about 12 of 595 total bridges). Even if
these bridge were very vulnerable to earthquakes (which remains to be determined) they are so
few in number that their vulnerability would be drawfed by that of the multi-column and wall pier
supported bridges. Based on mean Sa [1.0 sec] values presented in HAZUS99 [23], single span
structures are highly invulnerable to most of the earthquakes that might occur in sothern Illinois.
Therefore, these structures would be expected to perform reasonably well in either a 2% or 10%
PE/50 event. Culverts would likely also perform well, and any failures they might experience would
probably be linked to surrounding ground failures. Finally, the remainder of the bridges that fall
within the “other” category represent only a small percentage of the bridges on or crossing over
southern Illinois priority emergency routes, and they can for the sake of this discussion be safely
neglected. Therefore, bridges outside of multi-column and wall pier supported would likely perform
well in a southern Illinois seismic event of either 10% or 2% PE/50 magnitude, and they would not
represent a critical bridge type on priority emergency routes in the region.
9.2.4 Priority Emergency Route Performance Summary
In summary, based on the findings of this study and those presented by Zhong [75], if the lique-
faction fragility of the regular wall pier supported bridges is neglected, then the southern Illinois
priority emergency network will perform relatively well in a 10% PE/50 year event, with only a
handful of bridge failures occurring in the extreme southern portion of the state. In the larger 2%
PE/50 event, even when liquefaction vulnerability is neglected, the poor performance of the multi-
column pier supported bridges, in conjunction with the moderate numbers of wall pier supported
structures that will experience significant damage, will result in the poor performance of the priority
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emergency network.
9.3 Suggested Future Work
The current wall pier supported bridge study has highlighted the need for additional work in the
following areas.
• Due to the initial indications of a significant vulnerability of regular wall pier supported
bridges to liquefaction, a more thorough and detailed investigation should be made of the
vulnerability of all southern Illinois bridges to liquefaction failures. The broader geologic
features of southern Illinois should be considered in this investigation so that regional trends
can be more fully understood. Also, the types of failures resulting from the occurrence of
liquefaction at bridge sites should be more thoroughly investigated, so that the effect of these
failures on the bridge structures and/or surrounding roadways can be more completely under-
stood and the true vulnerability of the southern Illinois emergency transportation network to
liquefaction assessed.
• Overturning failures play a significant role in the high seismic vulnerability of the footing
supported hammerhead wall pier bridges. The effect of this failure on the performance of the
structure during an earthquake, and its usability after an earthquake, needs to be more fully
understood so that the true vulnerability of these structures can be accurately assessed. If this
failure is deemed significant, then retrofit strategies should be investigated to determine if the
vulnerability of these structures can be readily reduced.
• Wall bending failures and footing/pile cap shear failures play a significant role in the vulner-
ability of wall pier supported bridges. If it is desired that the vulnerability of the wall pier
supported bridges be reduced then wall and footing/pile cap retrofit strategies should be iden-
tified to address these failures and the effect of these retrofit strategies on the vulnerability of
the wall pier supported bridges determined.
• A reassessment of the vulnerability of southern Illinois priority emergency route multi-column
pier supported bridges using a methodology consistent with the one used here for wall pier
supported bridges (in which the structure is considered three-dimensionally, along with the
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superstructure and abutments/embankments, and the results are presented as continuous vul-
nerability curves over a range of PGAs) should be performed to allow for a more robust and
meaningful comparison between the vulnerabilities of southern Illinois multi-column and
wall pier supported bridges.
• Using the fragility information gleaned from this research project, in conjunction with com-
patible fragility curves produced for multi-column pier supported bridges, a detailed network
analysis should be performed on the southern Illinois priority emergency route system to
identify regions that could benefit the most from retrofit moneys.
• Where possible, comparisons should be made between the performance of wall pier supported
bridge structures in actual earthquake events and predictions made by these fragility analyses,
to verify the accuracy of the predictions.
• Wall bending failures played an important role in the vulnerability of the wall pier supported
bridge structures. Due to difficulties introduced by using a smeared concrete cracking model
in the dynamic models, much of the wall pier material for the dynamic models in the current
study was represented by a reduced-modulus linear elastic material constitutive model and the
remaining portion of the wall that utilized the smeared cracking concrete constitutive model
had a higher damping ratio associated with it. This created unrealistically high wall bending
forces, which resulted in this component vulnerability playing a major role in the structural
vulnerability. To somewhat offset this effect, the damage level strength ratios associated with
this failure were arbitrarily increased. This was done based on engineering judgment, and
should therefore be verified, along with the other damage level ratio selections, to ensure that
they have been appropriately assigned.
• The relationship between structural damage state and functionality of the bridge following an
earthquake should be further investigated for both the multi-column and wall pier supported
structures. Relationships should be defined between these damage states and repair times and
repair costs so that restoration curves can be developed and appropriate network analyses can
be conducted.
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• A detailed southern Illinois bridge inventory should be constructed, which includes key struc-
tural characteristics, so that network and inventory analyses can be conducted.
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Appendix A
Demand COVs
Table A.1: Definition of Component Failure Measure Abbreviations
Failure Category Abbr. Failure Category Abbr.
Wall Ductility (Strong Direction) WALL 1 WD1s Wall Ductility (Weak Direction) WALL 1 WD1w
Wall Ductility (Strong Direction) WALL 2 WD2s Wall Ductility (Weak Direction) WALL 2 WD2w
Wall Ductility (Strong Direction) WALL 3 WD3s Wall Ductility (Weak Direction) WALL 3 WD3w
Wall Bearing (Transv.) WALL 1 WB1t Wall Bearing (Longit.) WALL 1 WB1l
Wall Bearing (Transv.) WALL 2 WB2t Wall Bearing (Longit.) WALL 2 WB2l
Wall Bearing (Transv.) WALL 3 WB3t Wall Bearing (Longit.) WALL 3 WB3l
Wall Shear WALL 1 WS1 Wall Bending WALL 1 WBend1
Wall Shear WALL 2 WS2 Wall Bending WALL 2 WBend2
Wall Shear WALL 3 WS3 Wall Bending WALL 3 WBend3
Wall Concrete Cracking WALL 1 WCra1 Wall Concrete Crushing WALL 1 WCru1
Wall Concrete Cracking WALL 2 WCra2 Wall Concrete Crushing WALL 2 WCru2
Wall Concrete Cracking WALL 3 WCra3 Wall Concrete Crushing WALL 3 WCru3
Wall Steel Yield WALL 1 WSY1
Wall Steel Yield WALL 2 WSY2
Wall Steel Yield WALL 3 WSY3
Pier Seat (Transv.) WALL 1 S1t Pier Seat (Longit.) WALL 1 S1l
Pier Seat (Transv.) WALL 2 S2t Pier Seat (Longit.) WALL 2 S2l
Pier Seat (Transv.) WALL 3 S3t Pier Seat (Longit.) WALL 3 S3l
Abutment Seat (Transv.) ASt Abutment Seat (Longit.) ASl
Abutment Bearing (Transv.) ABt Abutment Bearing (Longit.) ABl
Abutment Displacement (Transv.) ADt Abutment Displacement (Longit.) ADl
Footing/Pile Cap Conc. Cracking WALL 1 FCra1 Footing/Pile Cap Conc. Crushing WALL 1 FCru1
Footing/Pile Cap Conc. Cracking WALL 2 FCra2 Footing/Pile Cap Conc. Crushing WALL 2 FCru2
Footing/Pile Cap Conc. Cracking WALL 3 FCra3 Footing/Pile Cap Conc. Crushing WALL 3 FCru3
Footing/Pile Cap Pos. Flexure WALL 1 FP1 Footing/Pile Cap Neg. Flexure WALL 1 FN1
Footing/Pile Cap Pos. Flexure WALL 2 FP2 Footing/Pile Cap Neg. Flexure WALL 2 FN2
Footing/Pile Cap Pos. Flexure WALL 3 FP3 Footing/Pile Cap Neg. Flexure WALL 3 FN3
Footing/Pile Cap Steel Yield WALL 1 FSY1 Footing/Pile Cap Shear WALL 1 FS1
Footing/Pile Cap Steel Yield WALL 2 FSY2 Footing/Pile Cap Shear WALL 2 FS2
Footing/Pile Cap Steel Yield WALL 3 FSY3 Footing/Pile Cap Shear WALL 3 FS3
Pile Pullout WALL 1 PP1 Pile Compression WALL 1 PC1
Pile Pullout WALL 2 PP2 Pile Compression WALL 2 PC2
Pile Pullout WALL 3 PP3 Pile Compression WALL 3 PC3
Pile Yield WALL 1 PY1 Pile Shear WALL 1 PS1
Pile Yield WALL 2 PY2 Pile Shear WALL 2 PS2
Pile Yield WALL 3 PY3 Pile Shear WALL 3 PS3
Wall Overturning WALL 1 WO1
Wall Overturning WALL 2 WO2
Wall Overturning WALL 3 WO3
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Table A.2: Demand COVs for Combined Categories and Wall, Seat, and Abutment Failures
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WD1s 1.33 1.36 1.06 1.31 1.19 1.42 0.98 1.22 1.39
WD1w 1.12 1.13 1.42 0.74 1.13 1.14 1.11 1.14 1.11
WD2s 1.02 1.06 0.53 0.56 0.78 1.08 1.09 0.73 1.10
WD2w 0.87 0.87 0.26 0.48 1.06 0.97 0.51 0.25 0.94
WD3s 1.33 1.36 1.18 1.34 1.21 1.33 1.21 1.23 1.42
WD3w 0.74 0.74 0.85 0.78 0.61 0.73 0.76 0.73 0.73
WB1t 1.04 1.05 0.82 0.78 1.13 1.11 0.76 1.08 0.80
WB1l 0.91 0.88 1.08 0.80 0.79 0.67 1.24 0.74 1.00
WB2t 0.63 0.66 0.80 0.61 0.60 0.60 0.51 0.88 0.61
WB2l 0.96 0.91 0.89 1.09 0.89 0.73 0.96 0.58 0.97
WB3t 0.77 0.76 0.62 0.67 0.78 0.79 0.67 0.67 0.73
WB3l 0.62 0.61 0.65 0.51 0.56 0.53 0.74 0.55 0.67
WS1 1.34 1.29 1.09 0.86 1.32 1.45 0.74 1.04 1.13
WBend1 2.58 2.57 2.89 2.50 2.50 2.56 2.55 2.52 2.50
WS2 0.81 0.81 0.70 0.55 0.75 0.89 0.55 0.17 0.90
WBend2 2.28 2.23 2.43 0.70 2.49 2.51 1.09 1.97 2.32
WS3 1.16 1.11 1.05 1.05 1.05 1.19 0.86 0.96 0.99
WBend3 0.90 0.86 1.02 0.68 0.82 0.80 0.99 0.86 0.66
WCra1 0.71 0.71 0.77 0.72 0.70 0.69 0.80 0.54 0.81
WCru1 0.50 0.50 0.56 0.53 0.47 0.50 0.48 0.45 0.41
WCra2 0.72 0.73 0.63 0.78 0.76 0.76 0.67 0.20 0.78
WCru2 0.37 0.35 0.27 0.32 0.40 0.38 0.30 0.08 0.39
WCra3 0.85 0.84 0.89 0.64 0.84 0.87 0.78 0.76 0.87
WCru3 0.59 0.59 0.65 0.50 0.57 0.60 0.57 0.57 0.49
WSY1 2.09 2.18 0.54 4.86 0.45 2.54 0.45 2.87 0.39
WSY2 0.35 0.34 0.28 0.31 0.38 0.37 0.29 0.08 0.37
WSY3 1.83 1.94 0.63 4.27 0.56 2.30 0.59 2.56 0.49
S1l 0.85 0.82 0.98 0.71 0.76 0.67 1.13 0.71 0.90
S1t 1.30 1.33 1.33 1.19 1.31 1.32 1.26 1.36 1.32
S2l 0.87 0.79 0.55 0.92 0.86 0.73 0.96 0.26 0.86
S2t 1.05 1.08 1.50 0.78 0.83 0.82 1.22 1.49 1.00
S3l 0.78 0.74 0.89 0.47 0.73 0.51 1.11 0.51 0.92
S3t 0.92 0.93 1.01 0.71 0.93 0.93 0.93 0.78 1.03
ASl 0.88 0.88 1.03 0.55 0.88 0.79 1.07 0.70 0.82
ASt 1.32 1.31 1.25 1.03 1.33 1.22 0.94 0.99 1.50
ABl 0.94 0.94 1.09 0.68 0.93 0.79 1.07 0.81 0.80
ABt 1.42 1.39 0.96 1.22 1.52 1.22 0.94 1.04 1.55
ADl 1.00 1.01 0.98 0.82 1.00 0.78 1.37 0.71 1.10
ADt 1.03 1.03 0.92 0.84 1.09 0.99 0.99 0.85 1.15
240
Table A.3: Demand COVs for Combined Categories and Footing/Pile Cap, Pile, and Overturning
Failures
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FCra1 0.37 0.34 0.36 0.32 0.34 0.36 0.28 0.35 0.24
FCru1 0.38 0.33 0.33 0.32 0.34 0.35 0.27 0.34 0.23
FSY1 0.37 0.35 0.36 0.32 0.34 0.36 0.28 0.35 0.24
FP1 3.46 3.35 4.25 0.61 3.07 3.14 3.91 2.93 3.82
FN1 1.69 1.58 2.56 0.61 1.12 1.51 1.79 0.23 2.30
FS1 2.89 2.80 2.91 2.66 2.84 2.77 2.94 2.01 3.44
FCra2 0.35 0.16 0.15 0.12 0.15 0.18 0.12 0.02 0.18
FCru2 0.37 0.15 0.15 0.13 0.15 0.16 0.12 0.03 0.17
FSY2 0.31 0.16 0.15 0.12 0.15 0.18 0.13 0.02 0.18
FP2 3.82 3.56 4.58 0.58 0.21 3.61 3.69 3.81 2.77
FN2 2.21 2.12 2.71 0.58 2.09 2.39 0.78 0.43 2.34
FS2 3.19 3.12 3.36 4.21 2.79 3.16 0.78 0.43 3.31
FCra3 0.47 0.39 0.42 0.41 0.37 0.40 0.38 0.40 0.29
FCru3 0.46 0.39 0.41 0.41 0.37 0.39 0.37 0.39 0.29
FSY3 0.46 0.39 0.42 0.41 0.37 0.40 0.38 0.40 0.28
FP3 3.86 3.77 4.24 0.54 3.22 3.61 4.17 3.52 4.05
FN3 2.57 2.70 1.74 3.25 2.81 2.56 3.04 1.70 3.21
FS3 3.76 3.74 3.57 3.89 3.65 3.75 3.71 3.62 3.88
PP1 1.74 1.74 2.78 0.00 1.41 1.26 2.63 0.00 2.51
PC1 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY1 1.24 1.24 2.46 0.00 0.00 0.00 2.33 0.00 1.80
PS1 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PP2 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PC2 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY2 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PS2 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PP3 2.45 2.47 2.34 3.28 2.16 1.86 3.37 1.45 3.14
PC3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY3 1.54 1.55 2.13 0.00 1.48 0.00 2.74 0.00 2.23
PS3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
WO1 0.29
WO2 0.28
WO3 0.07
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Table A.4: Demand COVs for Hammerhead Categories and Wall, Seat, and Abutment Failures
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WD1s 1.02 1.07 0.86 1.06 0.96 1.06 1.02 1.02
WD1w 0.87 0.87 0.90 0.97 0.69 0.73 0.76 0.87
WD2s 1.02 1.06 0.89 1.06 0.97 1.05 1.00 1.02
WD2w 0.87 0.87 0.91 0.97 0.70 0.73 0.75 0.87
WD3s 1.10 1.11 0.98 1.14 1.01 1.01 1.06 1.17 1.03
WD3w 0.68 0.66 0.76 0.74 0.55 0.70 0.62 0.55 0.76
WB1t 0.63 0.66 0.33 0.75 0.48 0.70 0.39 0.63
WB1l 0.95 0.89 1.17 0.90 0.91 0.92 0.85 0.95
WB2t 0.63 0.66 0.38 0.75 0.49 0.70 0.38 0.63
WB2l 0.96 0.91 1.17 0.90 0.93 0.92 0.89 0.96
WB3t 0.53 0.49 0.54 0.58 0.42 0.44 0.48 0.57 0.50
WB3l 0.60 0.56 0.60 0.70 0.48 0.57 0.55 0.53 0.66
WS1 0.81 0.80 0.68 1.03 0.44 0.71 0.76 0.81
WBend1 2.27 2.22 2.56 1.50 0.45 2.32 2.17 2.27
WS2 0.81 0.81 0.67 1.02 0.45 0.73 0.76 0.81
WBend2 2.28 2.23 2.54 1.51 0.47 2.34 2.18 2.28
WS3 0.76 0.72 0.64 0.95 0.48 0.64 0.74 0.74 0.76
WBend3 0.65 0.59 0.61 0.76 0.52 0.64 0.47 0.64 0.65
WCra1 0.72 0.73 0.64 0.80 0.55 0.40 0.69 0.72
WCru1 0.36 0.35 0.40 0.34 0.29 0.18 0.36 0.36
WCra2 0.72 0.73 0.63 0.78 0.54 0.42 0.71 0.72
WCru2 0.37 0.35 0.41 0.34 0.29 0.18 0.36 0.37
WCra3 0.79 0.79 0.80 0.85 0.64 0.86 0.73 0.60 0.90
WCru3 0.42 0.42 0.42 0.43 0.34 0.45 0.40 0.32 0.48
WSY1 0.35 0.34 0.39 0.33 0.27 0.17 0.35 0.35
WSY2 0.35 0.34 0.40 0.33 0.28 0.18 0.35 0.35
WSY3 0.41 0.41 0.41 0.43 0.33 0.43 0.40 0.31 0.49
S1l 0.86 0.77 1.17 0.90 0.71 0.77 0.71 0.86
S1t 1.05 1.09 0.80 0.98 1.07 1.17 0.74 1.05
S2l 0.87 0.79 1.17 0.90 0.74 0.77 0.74 0.87
S2t 1.05 1.08 0.83 0.97 1.06 1.17 0.72 1.05
S3l 0.69 0.55 0.90 0.84 0.46 0.58 0.53 0.69 0.66
S3t 0.79 0.77 0.69 0.91 0.58 0.74 0.68 0.88 0.69
ASl 0.79 0.76 0.89 0.78 0.69 0.66 0.75 0.75 0.77
ASt 1.28 1.25 1.41 1.22 0.94 1.12 1.17 1.45 1.11
ABl 0.86 0.85 0.94 0.94 0.71 0.79 0.83 0.83 0.80
ABt 1.50 1.48 1.62 1.36 1.31 1.26 1.59 1.41 1.60
ADl 0.96 0.96 1.01 1.16 0.60 0.74 1.12 0.88 1.03
ADt 0.98 0.96 1.06 0.95 0.70 1.01 0.84 1.04 0.89
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Table A.5: Demand COVs for Hammerhead Categories and Footing/Pile Cap, Pile, and Overturning
Failures
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FCra1 0.35 0.18 0.49 0.28 0.38 0.16 0.17 0.35
FCru1 0.36 0.16 0.52 0.30 0.40 0.14 0.16 0.36
FSY1 0.31 0.18 0.48 0.27 0.32 0.17 0.18 0.31
FP1 3.85 3.59 4.05 4.39 3.14 3.52 3.43 3.85
FN1 2.27 2.19 2.59 3.13 0.29 0.52 2.95 2.27
FS1 3.11 2.82 3.28 3.69 2.22 2.12 3.40 3.11
FCra2 0.35 0.16 0.54 0.28 0.40 0.15 0.16 0.35
FCru2 0.37 0.15 0.56 0.29 0.42 0.13 0.15 0.37
FSY2 0.31 0.16 0.50 0.26 0.32 0.15 0.16 0.31
FP2 3.82 3.56 4.05 4.38 3.09 3.48 3.41 3.82
FN2 2.21 2.12 2.62 3.05 0.27 0.52 2.85 2.21
FS2 3.19 3.12 3.27 3.44 2.74 2.96 3.31 3.19
FCra3 0.44 0.27 0.80 0.35 0.45 0.27 0.26 0.36 0.50
FCru3 0.44 0.27 0.79 0.37 0.44 0.28 0.26 0.35 0.50
FSY3 0.41 0.26 0.75 0.35 0.42 0.27 0.24 0.36 0.46
FP3 4.20 4.09 2.66 4.53 3.86 4.21 4.03 4.31 4.10
FN3 2.85 3.08 0.53 3.21 2.46 3.15 2.98 2.27 3.35
FS3 3.99 4.11 3.38 4.23 3.05 4.54 3.61 3.19 4.55
PP1 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PC1 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY1 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PS1 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PP2 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PC2 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY2 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PS2 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PP3 2.16 2.19 3.04 0.00 0.00 3.02 0.00 3.05
PC3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PS3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
WO1 0.29 0.29 0.08 0.03 0.29
WO2 0.28 0.28 0.08 0.03 0.28
WO3 0.07 0.07 0.05 0.08 0.02 0.10
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Table A.6: Demand COVs for Regular Categories and All Failures
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WD1s 1.38 1.59 0.93 1.59 1.06 0.65 1.36 1.22
WD1w 1.20 1.05 1.41 1.06 0.91 1.38 0.89 0.99
WD3s 1.46 1.67 0.99 1.59 1.14 0.84 1.36 1.33
WD3w 0.79 0.68 0.95 0.78 0.68 0.92 0.48 0.84
WB1t 1.11 0.88 1.30 1.31 0.57 0.29 1.23 0.83
WB1l 0.83 0.86 0.69 0.98 0.63 0.58 0.61 0.61
WB3t 0.87 0.88 0.83 0.91 0.63 0.31 0.68 0.91
WB3l 0.65 0.66 0.65 0.67 0.51 0.81 0.65 0.43
WS1 1.08 0.89 1.19 1.41 0.56 0.72 1.19 0.78
WBend1 2.61 2.58 2.56 1.05 0.87 3.02 2.68 2.49
WS3 0.85 0.90 0.78 1.08 0.55 1.00 0.72 0.84
WBend3 0.91 0.67 0.62 0.81 1.00 0.88 0.85 0.82
WCra1 0.71 0.76 0.12 0.62 0.75 0.79 0.51 0.72
WCru1 0.51 0.40 0.21 0.47 0.50 0.40 0.40 0.55
WCra3 0.70 0.66 0.40 0.66 0.74 0.91 0.54 0.70
WCru3 0.47 0.39 0.27 0.45 0.51 0.54 0.38 0.48
WSY1 2.67 0.38 4.05 3.71 0.48 0.37 3.90 0.52
WSY3 2.66 0.37 4.04 3.72 0.49 0.52 3.88 0.46
S1l 0.83 0.86 0.69 0.98 0.63 0.58 0.61 0.61
S1t 1.46 1.48 1.42 0.97 0.65 0.45 1.34 1.61
S3l 0.90 1.07 0.55 1.05 0.74 0.84 0.55 0.90
S3t 1.07 1.10 0.96 0.98 0.86 0.20 0.81 1.17
ASl 0.99 1.03 0.72 1.05 0.94 1.35 0.82 0.77
ASt 1.37 1.42 1.24 1.45 1.17 0.62 1.32 1.09
ABl 1.03 1.02 0.85 1.18 0.87 1.11 1.03 0.71
ABt 1.25 1.32 0.93 1.27 1.14 1.14 1.00 1.14
ADl 1.06 1.14 0.70 1.42 0.56 0.29 0.79 1.09
ADt 1.10 1.10 1.09 1.19 0.93 0.68 1.12 0.58
FCra1 0.39 0.24 0.21 0.35 0.37 0.13 0.32 0.42
FCru1 0.39 0.25 0.21 0.37 0.35 0.10 0.33 0.41
FSY1 0.39 0.24 0.18 0.36 0.38 0.12 0.32 0.42
FP1 3.22 3.74 0.21 2.93 3.39 3.94 2.24 3.43
FN1 1.10 1.41 0.21 0.16 1.50 0.05 0.18 1.59
FS1 2.78 3.31 0.21 1.71 3.18 2.28 2.64 2.21
FCra3 0.34 0.19 0.15 0.32 0.36 0.22 0.28 0.37
FCru3 0.34 0.20 0.17 0.32 0.36 0.20 0.27 0.36
FSY3 0.34 0.19 0.15 0.33 0.36 0.21 0.28 0.37
FP3 3.38 3.42 0.21 3.49 3.34 4.27 3.03 3.53
FN3 2.15 2.62 0.21 2.48 1.75 0.05 1.70 2.63
FS3 3.05 2.99 1.48 3.13 2.96 2.30 3.05 2.63
PP1 2.15 2.73 0.00 0.00 2.95 0.00 0.00 3.03
PC1 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY1 1.53 1.96 0.00 0.00 2.13 0.00 0.00 2.21
PS1 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PP3 2.71 3.33 0.00 3.00 2.40 0.00 0.00 3.39
PC3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
PY3 2.22 2.82 0.00 0.00 3.05 4.40 0.00 2.26
PS3 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00
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Appendix B
Liquefaction Analysis Soil Profiles
Figure B.1: Location of Bridges on Southern Illinois Priority Emergency Routes
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Table B.1: Soil Profiles Used in Liquefaction Analysis
Bridge Number 025-0071 (Hammerhead) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 -3.5 ft (0 - 1.1 m) 7 Loose Sandy Clay LOAM to Sandy LOAM
3.5 - 8.5 ft (1.1 - 2.6 m) 10 Loose Sandy LOAM and Silty LOAM
8.5 - 11.0 ft (2.6 - 3.4 m) 4 Loose Sandy LOAM and Sandy Clay LOAM
11.0 - 18.0 ft (3.4 - 5.5 m) 4 Loose Sandy LOAM
18.0 - 23.5 ft (5.5 - 7.2 m) 11 Medium SAND and GRAVEL
23.5 - 26.0 ft (7.2 - 7.9 m) 16 Medium SAND
26.0 - 28.0 ft (7.9 - 8.5 m) 44 Dense SAND and GRAVEL
>28.0 ft (>8.5 m) Hard SHALE
Bridge Number 041-0051 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 5.5 ft (0 - 1.7 m) 17 3.9 kips/ft2 (190 kN/m2) Stiff to Very Stiff Silty Clay LOAM to CLAY
5.5 - 8.0 ft (1.7 - 2.4 m) 24 4.4 kips/ft2 (210 kN/m2) Very Stiff CLAY to Silty Clay LOAM
>8.0 ft (>2.4 m) 115 Very Dense SHALE
Bridge Number 060-0086 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 2.3 ft (0 - 0.7 m) Stiff Silty CLAY
2.3 - 4.8 ft (0.7 - 1.5 m) 5 Loose SILT
4.8 - 9.8 ft (1.5 - 3.0 m) 10 Medium Dense SILT
9.8 - 12.3 ft (3.0 - 3.7 m) 10 0.9 kips/ft2 (45 kN/m2) Medium Dense SILT
12.3 - 14.8 ft (3.7 - 4.5 m) 6 Loose SILT
14.8 - 17.3 ft (4.5 - 5.3 m) 5 Loose SILT
17.3 - 19.3 ft (5.3 - 5.9 m) 8 Loose SILT With Some CLAY
19.3 - 21.3 ft (5.9 - 6.5 m) 12 Medium Dense SILT With Some CLAY
21.3 - 22.3 ft (6.5 - 6.8 m) 11 Medium Dense SILT
22.3 - 27.3 ft (6.8 - 8.3 m) 12 Medium Dense SILT With Some CLAY
27.3 - 30.3 ft (8.3 - 9.2 m) 15 Medium Dense SILT With Layers of CLAY
30.3 - 32.3 ft (9.2 - 9.8 m) 24 4.7 kips/ft2 (225 kN/m2) Very Tough CLAY With Layers of Fine SAND
32.3 - 35.3 ft (9.8 - 10.8 m) 44 2.9 kips/ft2 (140 kN/m2) Hard CLAY
>35.3 ft (>10.8 m) Very Dense SILT
Bridge Number 064-0019 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 2.5 ft (0 - 0.8 m) 4 1.0 kips/ft2 (50 kN/m2) Medium CLAY With Some GRAVEL
2.5 - 5.0 ft (0.8 - 1.5 m) 10 3.6 kips/ft2 (170 kN/m2) Stiff CLAY
5.0 - 7.5 ft (1.5 - 2.3 m) 11 4.8 kips/ft2 (230 kN/m2) Very Stiff CLAY
7.5 - 10.0 ft (2.3 - 3.0 m) 6 3.2 kips/ft2 (155 kN/m2) Stiff Silty CLAY
10.0 - 12.5 ft (3.0 - 3.8 m) 4 1.4 kips/ft2 (70 kN/m2) CLAY
12.5 - 15.0 ft (3.8 - 4.6 m) 10 1.0 kips/ft2 (50 kN/m2) Silty CLAY
15.0 - 22.5 ft (4.6 - 6.9 m) 8 3.7 kips/ft2 (180 kN/m2) Very Stiff to Stiff CLAY
22.5 - 25.0 ft (6.9 - 7.6 m) 6 1.4 kips/ft2 (70 kN/m2) Silty CLAY
25.0 - 27.5 ft (7.6 - 8.4 m) 4 1.4 kips/ft2 (70 kN/m2) CLAY
27.5 - 30.0 ft (8.4 - 9.1 m) 5 1.8 kips/ft2 (85 kN/m2) CLAY
30.0 - 37.5 ft (9.1 - 11.4 m) 7 2.4 kips/ft2 (115 kN/m2) Stiff CLAY
37.5 - 42.5 ft (11.4 - 13.0 m) 2 0.8 kips/ft2 (40 kN/m2) Soft CLAY
42.5 - 55.0 ft (13.0 - 16.8 m) 7 2.3 kips/ft2 (110 kN/m2) Stiff CLAY
55.0 - 57.5 ft (16.8 - 17.5 m) 7 1.8 kips/ft2 (85 kN/m2) CLAY
57.5 - 60.5 ft (17.5 - 18.4 m) 5 0.8 kips/ft2 (40 kN/m2) Soft CLAY
60.5 - 64.5 ft (18.4 - 19.7 m) 11 2.7 kips/ft2 (130 kN/m2) Stiff CLAY
64.5 - 66.5 ft (19.7 - 20.3 m) 1 Very soft Sandy CLAY
>66.5 ft (>20.3 m) Hard Sandstone
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Table B.2: Soil Profiles Used in Liquefaction Analysis
Bridge Number 077-0031 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 6.5 ft (0 - 2.0 m) 10 0.7 kips/ft2 (35 kN/m2) Soft Silty LOAM to Silty Clay LOAM
6.5 - 9.0 ft (2.0 - 2.7 m) 8 1.4 kips/ft2 (70 kN/m2) Silty Clay LOAM
9.0 - 16.5 ft (2.7 - 5.0 m) 8 2.3 kips/ft2 (110 kN/m2) Medium to Stiff Silty Clay LOAM
16.5 - 19.0 ft (5.0 - 5.8 m) 10 2.6 kips/ft2 (125 kN/m2) Stiff CLAY
19.0 - 24.0 ft (5.8 - 7.3 m) 10 2.4 kips/ft2 (115 kN/m2) Stiff Silty Clay LOAM
24.0 - 26.5 ft (7.3 - 8.1 m) 45 2.6 kips/ft2 (125 kN/m2) Stiff CLAY and GRAVEL
26.5 - 29.0 ft (8.1 - 8.8 m) 17 4.6 kips/ft2 (220 kN/m2) Very Stiff CLAY
29.0 - 31.5 ft (8.8 - 9.6 m) 18 2.0 kips/ft2 (95 kN/m2) Stiff Clay LOAM With Some GRAVEL
31.5 - 36.5 ft (9.6 - 11.1 m) 29 5.2 kips/ft2 (250 kN/m2) Very Stiff to Stiff CLAY
36.5 - 41.5 ft (11.1 - 12.6 m) 1.0 kips/ft2 (50 kN/m2) Fine Grained SAND
41.5 - 44.0 ft (12.6 - 13.4 m) Dense to Very Dense Coarse Grained SAND
44.0 - 46.5 ft (13.4 - 14.2 m) 24 0.4 kips/ft2 (20 kN/m2) Sandy Clay LOAM
46.5 - 49.0 ft (14.2 - 14.9 m) 56 4.8 kips/ft2 (230 kN/m2) Very Stiff CLAY
49.0 - 51.5 ft (14.9 - 15.7 m) 37 1.4 kips/ft2 (70 kN/m2) Sandy Clay LOAM
51.5 - 56.5 ft (15.7 - 17.2 m) 19 1.7 kips/ft2 (80 kN/m2) Sandy Clay LOAM
>56.5 ft (>17.2 m) 14 4.8 kips/ft2 (230 kN/m2) Very Stiff CLAY
Bridge Number 082-0150 (Hammerhead) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 4.0 ft (0 - 1.2 m) 17 2.1 kips/ft2 (100 kN/m2) Very Tough Sandy CLAY
4.0 - 9.0 ft (1.2 - 2.7 m) 6 1.3 kips/ft2 (60 kN/m2) Stiff Sandy CLAY and Loose SAND Layers
9.0 - 14.0 ft (2.7 - 4.3 m) 4 1.0 kips/ft2 (50 kN/m2) Soft Silty CLAY
14.0 - 19.0 ft (4.3 - 5.8 m) 5 1.3 kips/ft2 (60 kN/m2) Stiff Silty CLAY
19.0 - 21.5 ft (5.8 - 6.6 m) 8 1.6 kips/ft2 (75 kN/m2) Stiff Silty CLAY
21.5 - 24.0 ft (6.6 - 7.3 m) 8 Loose SILT With Trace of CLAY
24.0 - 36.5 ft (7.3 - 11.1 m) 40 Dense Fine SAND With Trace of SILT
36.5 - 39.0 ft (11.1 - 11.9 m) 33 Dense Fine SAND With Some SILT
39.0 - 49.0 ft (11.9 - 14.9 m) 20 Medium Dense Fine SAND With Some SILT
49.0 - 51.5 ft (14.9 - 15.7 m) 61 Very Dense Fine SAND With Some SILT
51.5 - 56.5 ft (15.7 - 17.2 m) 41 Dense Fine SAND With Some SILT
>56.5 ft (>17.2 m) 68 Very Dense Fine SAND With Some SILT
Bridge Number 095-0036 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 4.0 ft (0 - 1.2 m) 7 2.4 kips/ft2 (115 kN/m2) Stiff Silty CLAY
4.0 - 14.0 ft (1.2 - 4.3 m) 10 4.0 kips/ft2 (190 kN/m2) Stiff to Very Stiff Silty Clay LOAM
14.0 - 16.5 ft (4.3 - 5.0 m) 12 5.2 kips/ft2 (250 kN/m2) Very Stiff Silty CLAY
16.5 - 19.0 ft (5.0 - 5.8 m) 39 10.4 kips/ft2 (500 kN/m2) Hard Sandy Clay LOAM
19.0 - 21.5 ft (5.8 - 6.6 m) 75 20.4 kips/ft2 (975 kN/m2) Hard Silty CLAY
21.5 - 24.0 ft (6.6 - 7.3 m) 100 Very Dense SAND and GRAVEL
>24.0 ft (>7.3 m) Silty CLAY Hardpan
Bridge Number 100-0055 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 2.7 ft (0 - 0.8 m) 6 5.8 kips/ft2 (280 kN/m2) Very Stiff CLAY
2.7 - 12.7 ft (0.8 - 3.9 m) 9 6.2 kips/ft2 (295 kN/m2) Very Stiff Silty Sandy CLAY
12.7 - 17.7 ft (3.9 - 5.4 m) 25 8.7 kips/ft2 (415 kN/m2) Hard CLAY Till
>17.7 ft (>5.4 m) SANDSTONE
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Table B.3: Soil Profiles Used in Liquefaction Analysis
Bridge Number 100-0057 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 0.8 ft (0 - 0.2 m) Very Stiff Silty CLAY
0.8 - 4.8 ft (0.2 - 1.5 m) 24 3.0 kips/ft2 (145 kN/m2) Stiff Silty Clay LOAM
4.8 - 14.8 ft (1.5 - 4.5 m) 30 5.3 kips/ft2 (255 kN/m2) Very Stiff Silty Clay LOAM
>14.8 ft (>4.5 m) 66 12.0 kips/ft2 (575 kN/m2) Hard Sandy CLAY
Bridge Number 100-0059 (Hammerhead) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 3.0 ft (0 - 0.9 m) 21 2.6 kips/ft2 (125 kN/m2) Medium to Stiff Silty CLAY
3.0 - 6.5 ft (0.9 - 2.0 m) 28 6.7 kips/ft2 (320 kN/m2) Very Stiff to Hard CLAY
6.5 - 9.0 ft (2.0 - 2.7 m) 54 4.9 kips/ft2 (235 kN/m2) Stiff Silty CLAY
>9.0 ft (>2.7 m) Hard SANDSTONE With CLAY Seams
Bridge Number 014-0042 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 19.0 ft (0 - 5.8 m) 15 2.8 kips/ft2 (135 kN/m2) Stiff to Medium Silty CLAY
19.0 - 33.0 ft (5.8 - 10.0 m) 8 1.8 kips/ft2 (85 kN/m2) Loose to Medium Dense Silty LOAM
With SAND and GRAVEL
33.0 - 53.0 ft (10.0 - 16.2 m) 24 Medium Dense to Dense SAND and GRAVEL
>53.0 ft (>16.2 m) 100 Very Dense SHALE
Bridge Number 028-0010 (Regular) Liquefiable?→NO
Depth Avg. SPT N Avg. Qu Description
0 - 4.8 ft (0 - 1.5 m) Cinders and Silty Clay LOAM
4.8 - 6.3 ft (1.5 - 1.9 m) 10 2.4 kips/ft2 (115 kN/m2) Stiff Silty Clay LOAM
6.3 - 8.8 ft (1.9 - 2.7 m) 11 3.0 kips/ft2 (145 kN/m2) Stiff CLAY
8.8 - 13.8 ft (2.7 - 4.2 m) 19 4.8 kips/ft2 (230 kN/m2) Stiff CLAY to Clay LOAM
13.8 - 15.3 ft (4.2 - 4.7 m) 26 1.0 kips/ft2 (50 kN/m2) Very Stiff Clay LOAM
15.3 - 19.8 ft (4.7 - 6.0 m) 27 7.4 kips/ft2 (355 kN/m2) Very Stiff Clay LOAM
19.8 - 25.8 ft (6.0 - 7.9 m) 30 7.5 kips/ft2 (360 kN/m2) Very Stiff to Hard Clay LOAM
25.8 - 33.8 ft (7.9 - 10.3 m) 46 5.6 kips/ft2 (270 kN/m2) Very Stiff to Hard Clay LOAM
33.8 - 36.3 ft (10.3 - 11.1 m) 42 3.2 kips/ft2 (155 kN/m2) Hard Sandy LOAM
36.3 - 38.8 ft (11.1 - 11.8 m) 36 3.8 kips/ft2 (180 kN/m2) Hard Clay LOAM
38.8 - 41.3 ft (11.8 - 12.6 m) 22 4.6 kips/ft2 (220 kN/m2) Very Stiff CLAY to Clay LOAM
>41.3 ft (>12.6 m) Hard Clay SHALE
Bridge Number 061-0047 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 4.0 ft (0 - 1.2 m) 11 1.4 kips/ft2 (65 kN/m2) Medium Silty LOAM to Silty Clay LOAM
4.0 - 6.0 ft (1.2 - 1.8 m) 8 0.8 kips/ft2 (40 kN/m2) Soft Silty LOAM to Silty Clay LOAM
6.0 - 8.5 ft (1.8 - 2.6 m) 9 1.6 kips/ft2 (75 kN/m2) Medium Silty LOAM to Silty Clay LOAM
8.5 - 11.0 ft (2.6 - 3.4 m) 7 1.6 kips/ft2 (75 kN/m2) Medium Silty CLAY
11.0 - 13.0 ft (3.4 - 4.0 m) 5 Soft Clay LOAM to LOAM
13.0 - 15.0 ft (4.0 - 4.6 m) 11 4.4 kips/ft2 (210 kN/m2) Very Stiff CLAY to Clay LOAM
15.0 - 17.0 ft (4.6 - 5.2 m) 10 Loose Sandy LOAM to SAND
17.0 - 23.5 ft (5.2 - 7.2 m) 13 Medium to Loose SAND and GRAVEL
23.5 - 32.0 ft (7.2 - 9.8 m) 59 12.2 kips/ft2 (585 kN/m2) Very Stiff to Hard CLAY to Sandy Clay TILL
32.0 - 32.5 ft (9.8 - 9.9 m) 3.2 kips/ft2 (155 kN/m2) Very Stiff SHALE
32.5 - 34.0 ft (9.9 - 10.4 m) Very Dense COAL
>34.0 ft (>10.4 m) 840 Very Dense SHALE
248
Table B.4: Soil Profiles Used in Liquefaction Analysis
Bridge Number 064-0017 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 11.0 ft (0 - 3.4 m) 7 2.1 kips/ft2 (100 kN/m2) Stiff to Medium CLAY
11.0 - 16.0 ft (3.4 - 4.9 m) 7 2.2 kips/ft2 (105 kN/m2) Medium to Stiff Silty CLAY to CLAY
16.0 - 23.5 ft (4.9 - 7.2 m) 9 Medium to Loose Fine to Coarse
SAND With CLAY Seam
23.5 - 28.5 ft (7.2 - 8.7 m) 2 0.4 kips/ft2 (20 kN/m2) Very Soft CLAY With SAND Seam
28.5 - 36.0 ft (8.7 - 11.0 m) 12 Loose to Medium Fine to Coarse
SAND With CLAY Seams
>36.0 ft (>11.0 m) 19 Loose to Dense Coarse SAND
With Some GRAVEL
Bridge Number 067-0021 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 12.5 ft (0 - 3.8 m) 20 5.8 kips/ft2 (280 kN/m2) Clayey SILT (Fill)
12.5 - 17.5 ft (3.8 - 5.3 m) 18 3.3 kips/ft2 (160 kN/m2) Alluvial Sandy SILT
17.5 - 25.0 ft (5.3 - 7.6 m) 8 2.7 kips/ft2 (130 kN/m2) Alluvial CLAY
25.0 - 30.0 ft (7.6 - 9.1 m) 5 1.2 kips/ft2 (55 kN/m2) Alluvial Silty SAND
30.0 - 42.5 ft (9.1 - 13.0 m) 10 Alluvial SAND
42.5 - 50.0 ft (13.0 - 15.2 m) 16 Alluvial SAND
>50.0 ft (>15.2 m) 58 Alluvial SAND and Small GRAVEL
Bridge Number 077-0007 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 4.3 ft (0 - 1.3 m) 2 1.6 kips/ft2 (75 kN/m2) Medium Silty CLAY
4.3 - 9.8 ft (1.3 - 3.0 m) 6 2.5 kips/ft2 (120 kN/m2) Stiff Silty CLAY
9.8 - 18.8 ft (3.0 - 5.7 m) 3 1.8 kips/ft2 (85 kN/m2) Medium Silty CLAY and Leaves
18.8 - 21.8 ft (5.7 - 6.6 m) 3 2.2 kips/ft2 (105 kN/m2) Stiff Sandy Silty CLAY
21.8 - 32.3 ft (6.6 - 9.8 m) 14 Medium Fine SAND
>32.3 ft (>9.8 m) 44 Very Dense Fine SAND
Bridge Number 082-0250 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 9.5 ft (0 - 2.9 m) 2 0.8 kips/ft2 (40 kN/m2) Soft SILT
9.5 - 12.5 ft (2.9 - 3.8 m) 1 0.6 kips/ft2 (30 kN/m2) Soft Silty CLAY
12.5 - 15.0 ft (3.8 - 4.6 m) 3 1.4 kips/ft2 (65 kN/m2) Medium Silty CLAY
15.0 - 20.0 ft (4.6 - 6.1 m) 4 2.4 kips/ft2 (115 kN/m2) Stiff Silty CLAY
20.0 - 22.5 ft (6.1 - 6.9 m) 3 1.6 kips/ft2 (75 kN/m2) Medium Silty CLAY
22.5 - 25.5 ft (6.9 - 7.8 m) 2 0.6 kips/ft2 (30 kN/m2) Soft Silty CLAY
25.5 - 30.0 ft (7.8 - 9.1 m) 2 1.4 kips/ft2 (65 kN/m2) Medium CLAY
30.0 - 35.0 ft (9.1 - 10.7 m) 1 0.7 kips/ft2 (35 kN/m2) Soft CLAY
35.0 - 40.5 ft (10.7 - 12.3 m) 2 1.2 kips/ft2 (55 kN/m2) Medium CLAY
40.5 - 50.0 ft (12.3 - 15.2 m) 16 Medium, Medium to Coarse SAND
and Some GRAVEL
50.0 - 52.5 ft (15.2 - 16.0 m) 39 Dense, Medium to Coarse SAND
and Some GRAVEL
>52.5 ft (>16.0 m) 22 Medium, Medium to Coarse SAND
and Some GRAVEL
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Table B.5: Soil Profiles Used in Liquefaction Analysis
Bridge Number 095-0046 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 9.0 ft (0 - 2.7 m) 6 1.1 kips/ft2 (55 kN/m2) Soft Silty LOAM
9.0 - 12.0 ft (2.7 - 3.7 m) 9 3.2 kips/ft2 (155 kN/m2) Loose SAND
12.0 - 14.0 ft (3.7 - 4.3 m) 12 4.2 kips/ft2 (200 kN/m2) Very Stiff Silty Clay LOAM
14.0 - 17.5 ft (4.3 - 5.3 m) 22 5.2 kips/ft2 (250 kN/m2) SAND
17.5 - 35.0 ft (5.3 - 10.7 m) 24 7.3 kips/ft2 (350 kN/m2) Hard SILT
>35.0 ft (>10.7 m) 25 8.0 kips/ft2 (385 kN/m2) Very Stiff Silty CLAY
Bridge Number 100-0001 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 4.5 ft (0 - 1.4 m) 4 1.6 kips/ft2 (75 kN/m2) Medium Silty CLAY
4.5 - 7.0 ft (1.4 - 2.1 m) 5 2.8 kips/ft2 (135 kN/m2) Stiff CLAY to Silty CLAY
7.0 - 9.5 ft (2.1 - 2.9 m) 7 4.6 kips/ft2 (220 kN/m2) Very Stiff CLAY
9.5 - 12.0 ft (2.9 - 3.7 m) 4 1.2 kips/ft2 (55 kN/m2) Medium Silty CLAY
12.0 - 14.5 ft (3.7 - 4.4 m) 6 3.2 kips/ft2 (155 kN/m2) Stiff Silty CLAY
14.5 - 17.0 ft (4.4 - 5.2 m) 3 1.4 kips/ft2 (65 kN/m2) Medium CLAY to Silty CLAY
17.0 - 19.5 ft (5.2 - 5.9 m) 4 2.4 kips/ft2 (115 kN/m2) Stiff CLAY to Silty CLAY
19.5 - 24.5 ft (5.9 - 7.5 m) 3 1.5 kips/ft2 (70 kN/m2) Stiff CLAY to Silty CLAY
24.5 - 33.0 ft (7.5 - 10.1 m) 3 1.5 kips/ft2 (70 kN/m2) Medium Silty CLAY to Silty Clay LOAM
33.0 - 37.0 ft (10.1 - 11.3 m) 7 Loose Fine Silty SAND to Sandy LOAM
37.0 - 39.5 ft (11.3 - 12.0 m) 6 3.2 kips/ft2 (155 kN/m2) Stiff CLAY to Clay LOAM
39.5 - 44.5 ft (12.0 - 13.6 m) 8 2.8 kips/ft2 (135 kN/m2) Stiff CLAY to Silty CLAY
44.5 - 49.5 ft (13.6 - 15.1 m) 14 4.2 kips/ft2 (200 kN/m2) Very Stiff Clay LOAM
49.5 - 54.5 ft (15.1 - 16.6 m) 9 8.6 kips/ft2 (410 kN/m2) Hard CLAY to Silty CLAY
>54.5 ft (>16.6 m) Hard SANDSTONE
Bridge Number 100-0015 (Regular) Liquefiable?→YES
Depth Avg. SPT N Avg. Qu Description
0 - 14.0 ft (0 - 4.3 m) 12 2.2 kips/ft2 (105 kN/m2) Very Stiff to Medium Silty Clay LOAM
14.0 - 24.0 ft (4.3 - 7.3 m) 8 3.2 kips/ft2 (155 kN/m2) Stiff CLAY
24.0 - 31.5 ft (7.3 - 9.6 m) 7 2.4 kips/ft2 (115 kN/m2) Stiff CLAY
31.5 - 43.0 ft (9.6 - 13.1 m) 6 2.2 kips/ft2 (105 kN/m2) Medium Stiff Silty CLAY
With Some Small GRAVEL
43.0 - 46.5 ft (13.1 - 14.2 m) 12 3.7 kips/ft2 (175 kN/m2) Stiff CLAY
46.5 - 51.5 ft (14.2 - 15.7 m) 11 3.2 kips/ft2 (155 kN/m2) Stiff CLAY to Clay LOAM
51.5 - 59.0 ft (15.7 - 18.0 m) 24 Soft to Well Compacted Fine SAND
59.0 - 61.5 ft (18.0 - 18.7 m) 30 Medium Sandy LOAM
>61.5 ft (>18.7 m) Hard Sandy SHALE
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